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Introduction	
The aim of this project is evaluating the premature deterioration of the bridge F-12-AT located 
at Vail Pass, Colorado, United States. It is a 720 feet-long [220 meters] and 4 spans, continuous 
composite section with a concrete top slab and double steel box girder. 
The first chapter of this project provides an overview of the bridge market in Colorado in order 
to present the most common structural typologies, materials and average bridge ages. 
The second chapter looks into the study of the bridge F-12-AT. The motivation behind the bride 
choice is presented and also some important background.  The plans of the bridge are studied 
in order to identify any eventual design fault which may have reduced durability. Then, some 
sheets elaborated after an in-situ visual inspection of the bridge, carried out in April 2019, are 
presented. The aim of these sheets is to identify damages, pathologies, construction and 
maintenance deficiencies and stablish probable causes of deterioration. Then, a structural 
analysis using a 3D modelling software is performed in order to verity if the structure fulfills the 
AASHTO LFRG requirements. Finally, after assessing both the bridge plans, design and in-field 
performance, some recommendations regarding durability are proposed. 
The third chapter studies the possibility of replacing the actual structure for a more durable 
alternative: a cast-in-place segmental bridge consisting of a single box prestressed concrete 
girder. The feasibility of this solution in terms of constructability is assessed and a preliminary 
design is presented. Also, some recommendations regarding durability are provided. 
Finally, the forth chapter discusses the feasibility in terms of durability and life-cycle costs for 
the actual steel and an eventual concrete solution.  
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1.	Overview	of	the	bridge	market	in	Colorado	
In 2018, there were 8,786 road bridges in the State of Colorado, according to the National Bridge 
Inventory (NBI), which is a database compiled by the Federal Highway Administration. In 2018, 
the average bridge age in Colorado was 39 years, and a 32% of the bridges were older than 50 
years (FHWA, 2019), as figure 1 shows.  
 
Fig 1. Bridges built by decade. Colorado, 2018. (FHWA, 2019) 
Until 2018, the most common bridge structural typology in Colorado (NCDOT, 2018) was the 
steel stringer or multi-beam (44% of total bridges in Colorado, 2018), which consists of a series 
of a parallel steel beams supporting a deck, usually of wood planks or reinforced concrete. This 
was followed by the culvert typology (22%), tee beam (16%) and box beam or box girder (10%), 
as figure 2 shows. 
 
Fig 2. Accumulative of bridges built by typology. Colorado, 2018. (FHWA, 2019) 
Until 2018, the most common structural material used was steel (34%), reinforced concrete 
(32%), prestressed concrete (30%) and wood or timber (4%), as figure 3 indicates. 
 
Fig 3. Accumulative of bridges by main structural material. Colorado, 2018. (FHWA, 2019) 
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In 2018, a 5.4% (473) of the bridges in Colorado were classified as structurally “poor”, according 
to the NBI standards (FHWA, 2019), as figure 4 shows. This means that at least one structural 
element of the bridge (deck, superstructure, substructure or culvert) has a rating of 4 (out of 10) 
or less. 51 of those structurally deficient bridges are on the Interstate Highway System.  
 
Fig 4. Percentage of bridges by its structural classification. Colorado, 2018. (FHWA, 2019) 
In 2018, the structural typology with a major percentage of bridges classified as “poor” was the 
truss (21 out of 74 bridges), followed by the girder and floor-beam system (16 out of 84 bridges) 
and the steel stringer or multi-beam typology (304 out of 3838 bridges). By contrast, the 
structural typology with a minor percentage of bridges not classified as “poor” is the segmental 
box girder, followed by the box beam or girder, slab, frame and culvert. This is due to the fact 
that these last structural typologies were implemented more recently (FHWA, 2019), so the 
bridges are newer.  
 
Fig 5. Percentage of bridges classified as “poor” by its structural typology. Colorado, 2018.  (FHWA, 2019) 
Figure 6 shows that bridge deterioration trend is not directly correlated to age, but shows an 
increase in deterioration for bridges built between 1920-1980 beyond this expected decaying 
exponential trend. 
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Fig 6. Percentage of bridges in “poor condition” by decade of construction. Colorado, 2018. (FHWA, 2019) 
In 2018, the FHWA estimated the economic consequences of this bridge deterioration: it 
identified needed repairs on 1,353 bridges in Colorado at an estimated cost of $683.3 million. 
The Colorado Department of Transportation (CDOT) deployed in 2009 a program called Colorado 
Bridge Enterprise (CBE) which operates as a government-owned business and has the purpose 
to finance, repair, reconstruct and replace Colorado’s most deficient bridges -those bridges 
identified as structurally deficient or functionally obsolete, and rated “poor” (CDOT, 2016). The 
most recent list of bridges in the CBE program was published on April 30, 2019, and it included 
351 bridges -146 had construction complete while 151 were remaining (CDOT, 2019), as figure 
7 shows.  
 
Fig 7. Percentage of bridges in the CBE program according to its current status. Colorado, April 2019.  (CDOT, 2019) 	 	
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2.	Selection	and	study	of	the	F-12-AT	bridge	2.1.	Motivation	behind	the	bridge	selection	
For the selection of the bridge, the following requirements were considered: 
a) Be in Colorado 
b) Be part of the Highway System 
c) Carry a considerable daily traffic 
d) Present an abnormal rapid deterioration as seen in bridge built between 1920 and 
1980 
e) Common structural typology 
f) Classified as structurally “poor”, according to FHWA National Bridge Inventory 
g) Have at least 3 spans and 150 meters-length 
Taking this into account, the National Bridge Inventory (NBI) was consulted and two possible 
candidates were selected: F-12-AT and F-12-AS, as shown in figure 8. These are two parallel 
bridges which carry the Interstate 70 Eastbound and Westbound respectively over the Polk 
Creek, close to Vail. Both bridges have 4 spans and they are 732 feet-long (223 meters). Each 
bridge consists of a continuous, composite cast-in-place concrete slab and two welded steel box 
girders. They were built in 1978 (so in 2019, they are 42 years old) and they both received a 
structural rating as “poor” in the last inspection performed in August 2016. They each carry an 
average daily traffic of 9,000 vehicles (as of 2011), 12% truck traffic (FHWA, 2019). 
   
Fig 8. Bridges F-12-AT (right in both pictures) and F-12-AS (left in both pictures). April 2019. 
This research will be limited the F-12-AT as the F-12-AS is virtually identical. 	 	
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2.2.	Background	
2.2.1. Location and climate 
The bridge F-12-AT is located at 4.7 miles (7.6 km) west of the Vail Pass, which is a mountain 
pass of 10,662 foot-high (3,250 m) in the Rocky Mountains of Central Colorado, United States. 
As said before, its purpose is to carry the Interstate 70 (which is 2,150 miles-long highway [3,500 
km] running from Utah to Maryland) westbound over a small waterway called Polk Creek. The 
Federal Highway Administration (FHWA) owns the structure and the Colorado Department of 
Transportation (CDOT) is in charge of its maintenance. 
  
Fig 9. Left: location of Colorado within USA. Right: location of Vail Pass within Colorado. 
Vail, which is the closest town to the F-12-AT, presents an extremely cold and wet weather. 
Figure 10 shows that, on average, freezing temperatures below 32 F [0 ºC] are reached at least 
during 9 months of the year and precipitation (only rainfall) remains around 50 mm/month. The 
average annual snowfall is 480 cm, the average annual precipitation (only rainfall) is 586 mm 
and the average temperature is 2.95ºC.  
 
Fig 10. Vail climate graph. (U.S. Climate Data, 2019) 
Also, the winter season, which has the most extreme weather (heavy snowfalls and extremely 
freezing temperatures) coincides with the greater road traffic, as Vail is one of the most famous 
skiing destinations within the United States, and the I-70 is the highway that connects this town 
to Denver, the capital of Colorado, in less than 2 hours. Due to this climate conditions, CDOT, 
which is in charge of the operation of the road, applies deicing products during most of the year. 
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2.2.2. Similar bridges in Colorado 
According to the NBI, in 2018, in Colorado there were 63 bridges consisting of a continuous, 
composite concrete slab and steel box girder(s), made of uncoated weathering steel, like the F-
12-AT. The first was built in 1970 and the last in 2005, becoming very popular during the 90s, as 
figure 11 shows. The average age of such bridge typology was 31 years in 2019. Also, the average 
number of spans was 4.6 and the average total length was 671 feet [205 meters], so the average 
span length is 145 feet per span [44 meters]. 
 
Fig 11. Number of continuous steel box girder bridges built. Colorado, 2018. (FHWA, 2019) 
10% (6 out of 63) of all continuous, composite concrete slab and steel box girder(s) bridges are 
classified as structurally “poor” -this is slightly higher than the overall average of bridges 
classified as “poor” constructed during the 70s in Colorado, which is 6% as figure 6 shows. The 
following table 1 presents the main features of such structurally “poor” bridges in Colorado: 
Structure ID F-12-AT F-12-AS F-11-AP F-12-AL F-12-AO F-16-OG 
Location Vail Pass Vail Pass Vail Pass Vail Pass Vail Pass Denver 
Road carried Interstate 70 
Interstate 
70 
Interstate 
70 
Interstate 
70 
Interstate 
70 
Interstate 
25 
Year built 1978 1978 1977 1979 1977 1989 
Length: feet [meters] 732 [223] 732 [223] 316 [96] 380 [116] 411 [125] 1378 [420] 
Number of spans 4 4 3 3 3 12 
Length of largest 
span: feet [meters] 208 [63] 208 [63] 124 [38] 151 [46] 160 [49] 125 [38] 
Deck width: feet 
[meters] 42 [13] 42 [13] 42 [13] 42 [13] 42 [13] 42 [13] 
Average daily traffic 9,000 9,000 9,000 9,000 9,000 18,000 
Truck traffic 12% 12% 12% 12% 12% 14% 
Deck condition Fair Good Satisfactory Good Good Good 
Superstructure 
condition Serious Serious Poor Poor Poor Serious 
Substructure 
condition Satisfactory Satisfactory Good Good Good God 
Estimated cost of 
work $15,222,000 $6,696,000 $2,881,000 $2,247,000 $3,759,000 ND 
Sufficiency Rating (of 
last inspection) 50.9 52.5 69.8 69.8 69.8 33.8 
 
Table 1. Features of all continuous, composite concrete slab and steel box girder bridges classified as “poor”. 
Colorado, 2018. (FHWA, 2019)  
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Fig 12. Photos of some bridges presented in table 1. (CDOT, 2019) 
It is not a coincidence that 5 out of 6 bridges that are in “poor” condition are located at the same 
place: Vail Pass. Moreover, these 5 bridges have more common features: they are all highway 
bridges carrying the Interstate 70 in Vail, built between 1977 and 1979, same deck width and 
similar length and number of spans. The F-12-AT and F-12-AS have the smallest Sufficiency 
Rating, 50.9 and 52.5 respectively, of all of them. 
The Sufficiency Rating quantifies the bridge Condition State based on of a method of evaluating 
highway bridges implemented by the FHWA. 100 represents an entirely sufficient bridge to 
remain in service while 0 represents an entirely insufficient bridge (FHWA, 1995). It is obtained 
by calculating four separate factors, with variable weight, which are: 
1. Structural adequacy and safety (55% maximum) 
2. Serviceability and functional obsolesce (30% maximum) 
3. Essentially for public use (15% maximum) 
4. Special reductions (13% maximum) 
Figure 13 shows the evolution of the Sufficiency Rating of bridges presented in table 1. There is 
a drop in the Sufficiency Ratting occurring between 1999 and 2003 -after 21-25 years of service. 
Currently there is no explanation for this phenomenon. 
 
Fig 13. Evolution of sufficiency rating for all of all continuous, composite concrete slab and steel box girder bridges 
classified as “poor” in Colorado. (FHWA, 2019) 
Due to its “poor” structural classification, the F-12-AT bridge was added to the CBE program 
operated by the CDOT, as explained chapter 1. On 2019 April 30 its status appears as 
“remaining”, which means that the structure is eligible to receive special funding for its 
rehabilitation or replacement but it has not been programed and/or budgeted yet.  
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2.3.	Study	of	the	plans		
The plans of the F-12-AT bridge were obtained through the Colorado Department of 
Transportation. The following pages describe those plans, which are available at the appendix. 
2.3.1. Bridge layout 
The F-12-AT has 4 spans and the arrangement is 155 ft + 208 ft + 208 ft + 155 ft [47.24 m + 63.40 
m + 63.40 m + 47.24 m], which is convenient for accommodating the framing and the top flange 
lateral bracing layout. But most importantly, the steel tube girders are formed by 7 segments of 
lengths between 1,244 in [31.60 m] and 1,250 in [31.75 m] which are bolted together, and this 
span arrangements allows to allocate the splices at 1/3 the span-length for exterior spans and 
1/4 span-length for interior spans, where bending moments are null. 
The total length of the bridge is 726 feet [221.28 meters]. 
The horizontal alignment, from east to west, consists of a succession of three curves:  
1. Circular, with R=1,348 ft [411 m] 
2. Clothoid, with L= 247 ft [75 m] 
3. Circular, with R=7,639 ft [2,328 m] 
The vertical alignment, from east to west, consist of a succession of two curves: 
1. Straight line, with 5.5925% positive slope 
2. Second decree parabola, which increases the slope to 7.0000% 
The superelevation of the deck varies, from west to west, gradually from 3.5% at the west 
abutment to 8% at the east abutment, being the south edge the lowest side of the deck. 
This bridge was designed conforming to AASHTO Standard Specifications for Highway Bridges 
1973, including 1974 and 1975 interim specifications. 
See Appendix A pages 50, 51 and 59 for more detail. 
 
 
 
 
 
 
 
 
 
 17 
 
 
 
Fig 14. Plan and elevation of the F-12-AT and F-12-AS bridges.  
2.3.2. Substructure 
Abutments 
The abutments are open-end, non-integral and seat-type, as they act as an independent 
structural component of the bridge. The backwall is 18 in-thick [45.7 cm], the stem is 66 in-thick 
[167.64 cm], the wingwalls are approximately 21 feet-long [6.4 m] and the footing consist of a 3 
feet-thick [91.4 cm] slab and 6 4-feet-𝜙 [1.22 m] caissons. 
 
 
Fig 15. F-12-AT Isometry drawing of typical abutment. 
See Appendix A pages 61 to 64 for more detail. 
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Piers 
Piers consist of a single irregular hexagonal prism cap and column, which measure 25 ft-wide 
[7.62 m] x 10 ft-long [3.05 m] plus a footing slab, which is 4 ft-thick [1.22 m]. 
The pier cap consists of a full concrete section which measures 3.5 ft-high [1.07 m]. The pier 
column in a hollow concrete section whose walls measure 10 in-thick [25.4 cm] and the height 
varies at each pier. The footing slab measures 30 ft-wide [9.14 m] x 15 ft-long [4.57 m] at piers 
#2 and #4, and 30 ft-wide [9.14 m] x 20 ft-long [6.10 m] at pier #3. 
The height of piers #2, #3 and #4 is 42.9 ft [13.08 m], 28.58 ft [8.68 m] and 56.86 ft [17.33 m] 
respectively, excluding the footing slab. 
See Appendix A pages 65 to 66 for more detail. 
2.3.3. Superstructure 
Cross section 
The cross section consists of a continuous, composite top deck (cast-in-place concrete slab) and 
two box girders (trapezoidal steel tubs). The top flanges are spaced at 10.5 ft [3.2 m] on centers. 
The distance between the centerline of adjacent top flanges is constant to 10.5 ft [3.2 m] in the 
vertical projection: the actual width increases according to the superelevation. The out-to-out 
deck width is constant to 42 ft [12.8 m] also only in the vertical projection. The deck overhangs 
5.25 feet, which is a 50% of the adjacent tub girder spacing. The concrete slab has a depth of 
8.75 in [22.2 cm]. The haunch is 3 in [7.6 cm] deep, measured from the top of the web to the 
bottom of the deck. The depth of the superstructure, which is measured perpendicular to the 
slope of the deck at any point, ranges between 93.625 in [2.378 m] and 94.313 in (2.396 m) as 
it depends on the top and bottom flange girder thickness. 
The deck also includes a 2-inch-thick wearing surface consisting of bituminous pavement over a 
waterproofing membrane which is applied in a secondary pouring operation. 
The 38 feet roadway width can accommodate up to three 12-foot-wide [3.66 m] design traffic 
lanes. However, as defined in the project, it is intended to accommodate one 10-foot-wide right 
shoulder [3.04 m], two 12-foot-wide traffic lanes [3.66 m] and one 4-foot-wide left shoulder 
[1.22 m]. 
The typical cross section is shown in figure 16. 
See Appendix A page 67 for more detail. 
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Fig 16. F-12-AT Typical cross section. 
The top slab is made of concrete with a field compressive strength at 28 days of 3,000 psi [20 
MPa]. The top cover is 2 in [5 cm] while the bottom cover is 1 in [2.5 cm]. The longitudinal 
reinforcement is distributed between two layers: 
1. A top layer consisting of 29 #5 [#16 metric] rebars and 52 #9 [#29 metric] rebars. 
2. A bottom layer consisting of 34 #5 [#16 metric] rebars. 
The longitudinal rebar area is 71.3 in2 [460 cm2], so the rebar density is approximately 1.6%. The 
reinforcing steel used corresponds to ASTM Grade 60. 
All structural steel is AASHTO M222, which corresponds to ASTM A588. This is a high-strength 
low-allow steel with atmospheric corrosion resistance. It has minimum yield strength of 50 ksi 
[340 MPa] and a minimum ultimate tensile strength of 70 ksi [485 MPa] (ASTM, 2015). According 
to the FHWA, ASTM A588 is to be used where weight reduction is required and where 
atmospheric corrosion resistance is desired. It was developed to be left unpainted as it develops 
a propitiative oxide coating (patina) upon exposure to the atmosphere under proper design and 
service conditions. It the USA, the ASTM A588 was first used in a bridge in 1968 to present 
(FHWA, 2012). 
The railings, which are made of the same concrete type as the slab, are 2-foot-wide [61 cm] at 
the bottom, 9-inches-wide [23 cm] at the top and 32-inches-high [81 cm]. They are located at 
each side-end of the deck. 
The steel tub girders have the following element dimensions: 
• Top flange width: it varies from 12 in [30 cm] (above abutments and at center of spans) 
to 22 in [56 cm] (above piers). 
• Top flange thickness: it varies from 0.625 in [16 mm] (above abutments and at center of 
spans) to 2.125 in [54 mm] (above piers). 
• Web thickness: it is constant to 0.375 in [9.5 mm]. 
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• Web depth: it is constant to 84 in [213 cm]. 
• Web inclination: it is constant to ¼, which is the maximum allowable according to 
AASHTO LFRG (AASHTO, 2014). 
• Bottom flange width: it is constant to 86 in. 
• Bottom flange thickness: it varies from 0.375 in [9.5 mm] (above abutments), 0.5 in [at 
center of spans] to 1.1875 in [30.2 mm] (above piers).  
See Appendix A page 71 for girder element variation details. 
Internal intermediate cross-frames 
According to the Steel Bridge Design Handbook by the FHWA, internal intermediate cross-
frames are provided in tub girders to control cross-sectional distortion, which introduces 
additional stresses in the tub girders. 
All internal cross-frames are X-frames made of L 4-in x 4-in x 3/8-in steel members. 
At the 1st and 4th spans there are 10 equally-spaced cross-frames (approximate spacing of 14.1 
ft [4.3 m]), while at the 2nd and 3rd spans there are 14 equally-spaced cross-frames (approximate 
spacing of 13.9 ft [4.2 m]). 
See Appendix A pages 69 to 70 for further detail. 
Internal diaphragms at supports 
The internal diaphragms at abutments consist of a full-depth plate girder section with a top 
flange, which includes shear connectors. The plate is 0.4375 in-thick [11.1 mm] and the top 
flange is 1 in-thick [2.5 cm] x 12 in-wide [30.5 cm] x 8 ft-long [2.44 m]. They also include bearing 
stiffeners. 
The internal diaphragms at piers also consist of a full-depth plate girder section with a top flange, 
which also includes shear connectors. However, in this case they have an access hole in order to 
allow interior bridge inspection. The plate thick as well as the top flange dimensions are the 
same as described above. 
See Appendix A pages 69 to 70 for further detail. 
External diaphragms at supports 
The external diaphragms at abutments and piers consist of a full-depth plate girder section with 
top flange (which includes shear connectors) and bottom flange (which is connected to the 
bottom flange of both tube girders). The thickness of the plate is 0.4375 in [11.1 mm], the 
dimensions of the top flange are 5/8 in-thick [15.9 mm] x 12 in-wide [30.5 cm] x 8 ft-long [2.44 
m] and the dimensions of the bottom slab are 5/8 in-thick [15.9 mm] x 12 in-wide [30.5 cm]. 
The connection between the bottom flanges of the diaphragm and the tube girders is achieved 
through steel plates which are welded to the tube girder bottom flange and bolted to the 
diaphragm bottom flange. Also, the webs of the diaphragms and tube girders are connected 
through steel plates which are welded to the tube girder web and bolted to the diaphragm web. 
 21 
See Appendix A pages 69 to 70 for further detail. 
External intermediate diaphragms 
The same diaphragms presented above are also placed at some intermediate locations in-
between of the two tube girders. At the 1st and 4th spans there are 3 externals intermediate 
diaphragms. They are not equally-spaced as they must match an intermediate internal cross-
frame, and these are even. At the 2nd and 3rd spans, there are 4 external intermediate 
diaphragms which are equally-spaced (approximate spacing of 42 ft [12.8 m]). 
According to the Steel Bridge Design Handbook by the FHWA (FHWA, 2015), external 
intermediate diaphragms may be incorporated to control differential displacement and rotation 
of individual tub girders during deck placement. In a finished bridge, when the tub girders are 
fully closed and the concrete deck effectively attaches the girders together, twist rotation is 
expected to be small and external diaphragms are not necessarily required. 
See Appendix A pages 69 to 70 for further detail. 
Internal web stiffeners 
There are both longitudinal and transverse internal web stiffeners. They all consist of steel I-
shaped members which measure ½ in-thick [12.7 mm] x 5.25 in-wide [133.35 mm]. 
• Transverse stiffeners are non-uniformly spaced along the web: they are approximately 
spaced every 105 in [2.67 m] at center of spans and 36 in [91.4 cm] near the supports. 
They are welded to both steel tube girder’s interior webs. 
• Longitudinal stiffeners are located at two places: at center of spans, they are located 
4.25 in [10.80 cm] below the steel tube girder’s top flanges, while near the supports, 
they are located at 19 in [48.26 cm] above the steel tube girder’s bottom flange. 
See Appendix A page 68 for longitudinal stiffeners and 71 for transverse stiffeners details. 
Top flange lateral bracing 
A full-length lateral bracing system is provided in accordance with Article 6.7.5.3 for curved tub 
girders, consisting of a Warren-type truss system of L 4 in x 8.5 in steel members. 
According to FHWA (FHWA, 2015), top flange lateral bracing creates a quasi-closed section, 
which increases the torsional stiffness of tub girder sections during erection, handling, and deck 
casting. For composite tub girders closed by the deck slab, the cross-section of the tub is 
torsionally stiff. However, prior to placement of the deck slab the open tub is torsionally more 
flexible and subject to rotation or twist. The top flange lateral bracing, then, forms a quasi-closed 
section resisting shear flow from the non-composite loading. 
See Appendix A page 70 for further details. 
Bearings 
There is one bearing device per girder at each abutment and pier, so the total number of 
bearings is 10. They are Type III Bearing Devices according to CDOT terminology. Also, there are 
2 types of bearings according to the allowed movements: guided (only longitudinal movement 
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is allowed) and floating (both longitudinal and transversal movements are allowed). Table 2 
reflects how they are placed: 
Support Type of bearing 
Abutment 1 Guided 
Pier 2 Floating 
Pier 3 Guided 
Pier 4 Guided 
Abutment 5 Guided 
Table 2. F-12-AT Types of bearings at each bridge support. 
See Appendix A page 73 for further details. 
Steel tube girder splices 
The steel tube girder is made of 7 independent segments which are attached together in order 
to provide a continuous section. The length of each segment, at bridge layout line, is presented 
in table 3: 
# segment Length: in [m] 
1 1,246 [31.65] 
2 1,248 [31.70] 
3 1,250 [31.75] 
4 1,244 [31.60] 
5 1,250 [31.75] 
6 1,248 [31.70] 
7 1,246 [31.65] 
TOTAL 8,732 [221.80] 
Table 3. F-12-AT Length of steel tube girder segments at layout line. 
The span arrangement of the bridge, which is 155 ft + 208 ft + 208 ft + 155 ft [47.24 m + 63.40 
m + 63.40 m + 47.24 m] as presented above, is very convenient for placing splices a null bending 
moment region: 
• Splices at exterior spans (first and fourth) are located at 1/3 of the span-length from the 
interior pier. 
• Splices at interior spans (second and third) are located at 1/4 of the span-length from 
interior piers. 
The connection between steel tube girder segments is achieved through plates which are bolted 
to bottom flange, webs and top flange both at the interior and exterior faces, as figure 17 shows. 
See Appendix A page 68 for further details. 
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Fig 17. F-12-AT Typical bolted connection plate at splices. 
2.3.4. Construction sequence 
The project provides the following construction sequence (as shown in figure 18): 
1. All abutments and piers are poured and erected. 
2. The steel box tube girders are placed and welded in place. 
3. The concrete top slab is poured in, at least, two stages: 
a. The first stage consists of pouring section near piers, approximately at 74 ft 
[22.56 m] at each side of each pier. Therefore, this first stage consists of pouring 
3 148 ft-long [45.11 m] top slab segments. 
b. The second stage consist of pouring the remaining sections. 
 
 
Fig 18. F-12-AT Top slab pouring sequence. 	 	
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2.4.	Bridge	inspection	
2.4.1. August 2017 Inspection (by CDOT) 
On August 2017, CDOT did a full inspection on the bridge it order to feed the FHWA bridge 
database. The table 4 contains the data that was collected: 
Element Units Quantity 1-Good 2-Fair 3-Poor 4-Serious 
Superstructure       
  Steel Closed Web/Box Girder linear ft. 1,460 685 766 9 0 
  Steel Protective Coating sq. ft. 1,460 685 0 0 775 
Deck       
  Reinforced Concrete Deck sq. ft. 30,752 27,749 2,968 35 0 
  Wearing Surfaces sq. ft. 30,752 29,052 1,700 0 0 
Substructure       
  Reinforced Concrete Pier Wall linear ft. 75 65 10 0 0 
  Reinforced Concrete Abutment linear ft. 80 77 2 1 0 
Joints       
  Strip Seal Joint linear ft. 76 76 0 0 0 
Bearings       
  Pot Bearing each 10 7 3 0 0 
Bridge Rail       
  Reinforced Concrete Bridge Rail linear ft. 1,464 0 0 264 1,200 
 Table 4. F-12-AT Results of CDOT bridge inspection (August 2017). (FHWA, 2019) 
According to table 4, the main flaw affecting the structural behavior of the bridge is the steel 
protective coating: 53% (measured in surface) is in serious condition. Also, most of the railing 
(82%) is in serious condition. 
2.4.2. April 2019 Visual Inspection 
On 2019 April 9th, an in-situ inspection was performed which consisted of taking pictures of 
structures F-12-AT (westbound) and F-12-AS (eastbound). There was a significant accumulation 
of snow (2 meters-depth at some points), both in the embankments and under the deck due to 
snowplows removing snow from the deck. Due to this conditions, only east abutments were 
accessible, as the west abutments were separated by the Polk Creek and the embankments were 
too steep and covered by several feet of snow. 
The following pages present the inspection sheets of the elements that could be inspected 
during the visit. The elements are divided into 3 categories: superstructure, substructure and 
terrain. 
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Superstructure 
Sheet #1 
    
Fig 19. F-12-AT Pictures of deck damage under east expansion joint (April 2019). 
Bridge part: South deck overhang 
Location: Adjacent to the east abutment, under the expansion joint 
Mechanisms of 
deterioration 
observed: 
Concrete scaling, cracking, spalling, delamination and effloresce 
Reinforcement corrosion 
Description: • The whole deck overhang presents some deterioration, but this becomes very 
significant at the first 2 meters adjacent to the expansion joint. The concrete surface 
has suffered heavy scaling and delamination: the cover is detached or lacking, thus 
the reinforcement is exposed to the atmosphere. 
• Under the expansion joint, both the deck bottom and the abutment wall were found 
completely wet during the inspection, despite the weather being dry and sunny in the 
previous days. This is because there was a significant snow accumulation at the road 
shoulder, which was melting and draining through the expansion joint.  
• The pictures show that some repairs operations have been carried out. They may have 
consisted of: 
1. Application of a red mortar at the construction joint between the concrete slab 
and the railings in order to reduce the permeability and remove the flow of 
moisture from the pavement to the edges of the deck. This was causing 
efflorescence, which appears as white stains at the concrete edge. 
2. Application of a light grey mortar at the bottom of the deck to restore the 
concrete cover and provide bond between the reinforcement and the concrete 
slab. Then, application of concrete sealer to seal the holes between the grey 
mortar and the underlay concrete. 
3. Removing of the corroded rebar and replacing by epoxy-coated rebar, which are 
green in the picture. Then, application of a dark grey mortar to restore the 
concrete cover and provide bond between the epoxy-coated rebar and concrete 
slab. Also, application of a concrete sealer. 
Possible causes of 
deterioration 
The expansion joint is permeable and allows the water to drain and wet the abutment and 
the bottom of the deck. This water, which is mostly originated from melting snow, has a 
high content in deicing salts and, thus, in chlorides. Also, these permanently wet areas will 
be very vulnerable to freeze and thawing cycles, especially during the months when snow 
melts during sunny times and freezes during night time. 
Some possible causes of deterioration may be: 
• Penetration of chlorides and depassivation of concrete, which initiates corrosion 
of reinforcement. 
• Chemical breakdown of the cement bond due to deice agents. 
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• Deterioration of saturated cement paste due to repeated cycles of freezing and 
thawing. 
• Accelerated reinforcement corrosion due to high concentration of chlorides and 
repeated cycles of wet and dry. 
• Insufficient concrete cover. 
• Use of an inadequate concrete mixture, which could be too permeable due to 
high content in air, high W/C ratio or low strength. 
• Permeable expansion joints that allow leaking water. 
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Sheet #2 
        
Fig 20. F-12-AT Pictures of cracking, rebar corrosion and efflorescence under the concrete deck (April 2019). 
Bridge part: South deck overhang 
Location: Along the whole bridge 
Mechanisms of 
deterioration 
observed: 
Concrete scaling, spalling, cracking and efflorescence 
Reinforcement corrosion 
Description: • There is spalling (separation and removal of portions of the surface concrete, causing 
a local depression) affecting the whole deck overhang. Near the abutments, where 
water drains, there is also scaling which has produced a significant loss of concrete 
cover. 
• There is transverse cracking affecting the whole bottom of the deck. This cracking has 
permitted moisture absorption, accumulation of deicing salts and generated 
efflorescence, which produces white stains on the concrete surface.  
• Some red stains can be noticed along the whole bottom of the deck. This indicates 
that concrete is depassivated (due to carbonatation or either chlorides penetration) 
and reinforcement corrosion has been initiated. 
Possible causes of 
deterioration 
• Spalling may be caused primarily by corroding reinforcement, which is introducing 
internal stresses due to the expansion of the corrosion products. This can be 
intensified by the action of freezing and thawing cycles. 
• Transverse cracking may be caused by restrained shrinkage of concrete. There is no 
evidence that these are structural cracks as they appear uniformly both in positive and 
negative bending moment deck regions. 
• Efflorescence may be caused by a high concentration of chlorides in cracks, which are 
present at deicing salts that penetrate from the pavement through the deck and the 
concrete railings. 
• Insufficient concrete cover. 
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Sheet #3 
    
Fig 21. F-12-AT Pictures of severe cracking damage at the concrete deck overhang (April 2019). 
Bridge part: South deck overhang 
Location: Center of the 2nd span 
Mechanisms of 
deterioration 
observed: 
Concrete cracking, scaling and efflorescence 
Reinforcement corrosion, poor reinforcement detailing 
Description: This picture shows a heavy crack, opening from the edge of the deck and reaching the top 
flange of the steel box girder. The crack measures approximately 60 inches-long [150 cm] 
x 8 inches-wide [20 cm] x 8 inches-deep [20 cm], so it affects the whole breadth of the deck 
overhang and the whole depth of the concrete slab. The crack has produced a void in the 
slab: concrete has been completely removed and thus reinforcement is exposed to the 
atmosphere, which is heavily corroded. Transverse rebars that are visible at the crack seem 
to be insufficiently spaced.  
Moreover, concrete surface adjacent to this crack has suffered severe scaling which has 
significantly reduced the concrete cover. Red stains on the concrete are visible, which 
indicates that the adjacent reinforcement is also corroded. 
There is efflorescence (white stains on the concrete surface) which may suggest that this 
area tents to absorb moisture and has a high concentration of chlorides. 
This crack is located at the center of the 2nd span, where positive bending moment is 
maximum and thus, the concrete slab is working under compression. This loss of concrete 
section, plus the loss of rebar strength at the crack plus the loss of bond due to heavy 
corrosion may have an effect on stresses redistribution. 
Possible causes of 
deterioration 
• Inadequate concrete mixture or poor pouring procedures, which may have caused a 
bad settling of concrete mix and creating a void in the slab. 
• Inadequate quality control, which should have detected this flaw during the 
construction process and fixed it. 
• High concentration of chlorides due to use of deicing agents, which is causing a rapid 
corrosion of reinforcement. 
• Wrong reinforcement detailing, causing congested reinforcement details that make 
concrete placement difficult and may lead to poor compaction or voids. 
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Sheet #4 
      
Fig 22. F-12-AT Pictures of transverse cracking and corrosion at construction joints (April 2019). 
Bridge part: Bottom of deck, in-between the two-steel box girder  
Location: 2nd span 
Mechanisms of 
deterioration 
observed: 
Reinforcement corrosion 
Concrete efflorescence, spalling 
Description: The first picture shows a large transverse crack located at the slab construction joint. Near 
the left steel box girder top flange, the crack opens exposing the transverse reinforcement 
to the atmosphere. There is water (which comes from the roadway and has a high 
concentration of chlorides due to deicing salts) leaking through this opening and running 
down through the web of the steel box girder. Despite being not visible during the 
inspection, this chloride-contaminated water is being deposited over the lip of the steel 
box girder bottom flange and probably causing significant corrosion. Moreover, the 
concentration of moisture is causing efflorescence. Also, the red stains near the crack 
indicate that the concrete is depassivated and the reinforcement corrosion process has 
been initiated. 
These transverse cracks are not only occurring at the construction joints but also at any 
random places, as the second picture shows. These cracks are absorbing moisture and 
producing efflorescence.  
Possible causes of 
deterioration 
• Inadequate execution of construction joints 
• Inadequate use of joint concrete sealers 
• Insufficient quality control 
• Inadequate application of the waterproofing membrane in-between the concrete slab 
and wearing layer. 
• Use of an inadequate concrete mixture, which could be too permeable due to high 
content in air, high W/C ratio or low strength. 
• Depressions or cracking on pavement which may pond water and cause leaking. 
• Chloride contamination due to the use of deicing agents. 
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Sheet #5 
     
Fig 23. F-12-AT Pictures of damage at the center of the 2nd span (April 2019).  
Bridge part: Bottom of deck, in-between the two-steel box girder 
Location: 2nd span 
Mechanisms of 
deterioration 
observed: 
Concrete cracking, scaling and efflorescence 
Reinforcement corrosion 
Description: This picture shows a patch of 2x2 meters with severe damage. There is cracking following 
the same pattern as the bottom slab rebar mesh. This cracking could be produced by the 
expansion of the reinforcement corrosion products. Also, the center of the patch has a dark 
color which indicates a high concentration of moisture. This moisture, which comes from 
the road pavement and leaks through the bottom slab, has probably a high content of 
chlorides due to the frequent use of deicing agents. There is also an intense white 
efflorescence surrounding the wet area. 
The cracking is so severe that has produced the loss of the concrete cover and some rebars 
are exposed to the atmosphere.  
Possible causes of 
deterioration 
• Bad execution of concrete pouring: insufficient vibration (which has produced hollow 
spaces inside the slab, increasing permeability) or inadequate concrete mixture. 
• Inadequate application of the waterproofing membrane in-between the concrete slab 
and wearing layer. 
• Depressions or cracking on the surface of pavement which may pond water and cause 
leaking through the concrete slab. 
• Chloride contamination due to the use of deicing agents. 
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Sheet #6 
     
Fig 24. F-12-AT Pictures of steel box girders interior webs (April 2019). 
Bridge part: Interior webs of steel box girders 
Location: 4th span 
Mechanisms of 
deterioration 
observed: Steel corrosion and deformation 
Description: The interior webs of the steel box girders present a developed patina (brown color in the 
pictures), which is completely normal is a weathering steel, as this acts as a protection 
against corrosion. However, the patina is not uniform. There are some small areas in which 
it has not appeared, while there are some other areas in which there is corrosion: 
• There are some vertical marks (running from the top to the bottom flanges) as 
well as horizontal marks (located close to the top girder and running along the 
whole steel box girder) in which the corrosion is more intensified. According to 
the bridge plans, these marks correspond to the internal vertical and horizontal 
stiffeners, respectively, which are welded to the webs.  
• There are some spots in which the corrosion is ore intensified and the patina has 
felt, producing a small loss of section. 
• This picture also shows some lateral deformation of the steel web. However, this 
is not significant and may be normal under service loads. 
Possible causes of 
deterioration 
• Energy input during the welding process may fasten the corrosion process at those 
areas where welding is applied. 
• A high concentration of chlorides from deicing salts, combined with constant wetting 
and drying cycles, may fasten the corrosion process. 
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Sheet #7 
         
Fig 25. F-12-AT Pictures of steel box girder exterior web (April 2019). 
Bridge part: Exterior webs of steel box girders 
Location: 4th span 
Mechanisms of 
deterioration 
observed: Steel corrosion and loss of section 
Description: The patina at the exterior steel box girder webs is more developed than at the interior 
webs. In general, it us uniform along the whole steel box girder and there is no sign of any 
major corrosion damage. However, this is not true under the expansion joints, where 
chloride-contaminated water drains. At those areas, as the second picture shows, there is 
a higher damage due to corrosion which has produced a little section loss. 
Possible causes of 
deterioration 
• A high concentration of chlorides from deicing salts, combined with frequent wetting 
and drying cycles, may fasten the corrosion process. 
• The length of the deck overhangs may be insufficient to protect the steel box girder 
webs and bottom flange. 
• Permeable expansion joints that allow leaking water. 
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Sheet #8 
     
Fig 26. F-12-AT Pictures of corrosion damage at the bottom flanges (April 2019). 
Bridge part: Bottom flange of the steel box girders 
Location: 4th span 
Mechanisms of 
deterioration 
observed: Steel pitting corrosion, delamination, loss of section, debris accumulation 
Description: These pictures show that girder webs are suffering corrosion. This has an affection of 
approximately 30 cm above the intersection with the girder bottom flange. This corrosion 
also affects the welding, which attaches the web to the bottom flange. This corrosion has 
produced delamination and thus loss of section. 
The bottom flange lips are also corroded, both top and bottom faces. It was found that the 
top of the lip was trapping debris. 
This damage is uniform along the whole girders. 
Possible causes of 
deterioration 
The bottom flanges lips, as they are almost horizontal surfaces and can pond water, have 
a higher time of wetness in comparison to the rest of the steel girder, so earlier corrosion 
can be expected. Also, they are prone to collect poultice, which traps chlorides and 
accelerate corrosion. 
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Sheet #9 
    
Fig 27. F-12-AT Pictures of external diaphragm plate at the end of the girder (April 2019). 
Bridge part: External diaphragm plate at abutment 
Location: End of girder at east abutment 
Mechanisms of 
deterioration 
observed: Pitting corrosion, delamination, loss of section, debris accumulation 
Description: The second picture shows that the diaphragm plate is suffering severe corrosion, specially 
at those areas exposed to the leaking expansion joints. There is pitting corrosion on the 
vertical stiffeners. Also, there is significant concentration of debris and moisture in-
between the diaphragm and the abutment wall. 
The bottom flange, which is horizontal, traps dirt and rust. They were found wet during the 
inspection. There is severe corrosion and delamination, which is affecting the welding and 
producing a loss of steel section. 
Possible causes of 
deterioration 
• Horizontal surfaces trap debris and rust. As this product develops in this area, they 
themselves begin to hold moisture that further exacerbates the corrosion. 
• The construction joint is leaking keeping the surfaces wet most of the time. The 
chloride-contaminated water accelerates the corrosion process.  
• Improper design of the abutment wall and end of deck, which makes impossible to 
access the area to remove the debris or to apply any protective coating. 
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Sheet #10 
   
Fig 28. F-12-AT Pictures of bird dropping at a mid-span external diaphragm (April 2019). 
Bridge part: External diaphragm plate at mid spans and piers 
Location: They are located along the bridge 
Mechanisms of 
deterioration 
observed: Accumulation of bird droppings, corrosion 
Description: Some bird droppings were observed at a few diaphragms. However, most of them doesn’t 
present any apparent fault. In all of them, the patina is fully developed as expected for 
weathering steel. 
Similar to the sheets #8 and #9, some significant corrosion can be observed at the bottom 
face of the bottom flanges. 
Possible causes of 
deterioration 
• Bird droppings, as dirt and debris, may accumulate moisture and accelerate corrosion 
process. They can also produce a cell effect. 
• Horizontal surfaces, such as flanges, trap moisture, debris and rust. This accelerates 
corrosion process, as pointed in sheets #8 and #9. 
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Sheet #11 
      
Fig 29. F-12-AT Pictures of external diaphragms connection plates (April 2019). 
Bridge part: Connection plates between girder bottom flanges and mid-span external diaphragms 
bottom flange 
Location: Along the bridge 
Mechanisms of 
deterioration 
observed: None 
Description: Apparently, there is neither cracking nor corrosion. The patina is fully developed. The bolts 
and the welding have a normal aspect. 
Possible causes of 
deterioration 
None 
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Sheet #12 
    
Fig 30. F-12-AT Pictures of connection plates at slices (April 2019). 
Bridge part: Exterior connection plates at steel box girder slices 
Location: Along the bridge 
Mechanisms of 
deterioration 
observed: None 
Description: Apparently, there is not cracking or corrosion. The patina is fully developed. The bolts are 
apparently fine. 
Possible causes of 
deterioration 
None 
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Sheet #13 
 
 
Fig 31. F-12-AT Pictures at guided bearing at abutment (up) and pier (down) (April 2019). 
Bridge part: Bearings 
Location: Along the bridge 
Mechanisms of 
deterioration 
observed: None 
Description: Only the two bearings at the east abutments were inspected. They do not present any 
damage. However, there is some debris and the coating paint is removed at some spots. 
Possible causes of 
deterioration 
None 
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Sheet #14 
   
Fig 32. F-12-AT Pictures of access door (left) and Interior of south steel box girder (right) (April 2019). 
Bridge part: Interior of south steel box girder 
Location: Access door is located at east abutment 
Mechanisms of 
deterioration 
observed: None 
Description: One of the access doors to the interior of the steel box tube was not locked (see first 
picture), which is a serious fault as it is vulnerable not only to vandalism but also to animals. 
I took a picture of the interior without getting in due to safety reasons. 
The second picture shows that there is some debris at the left part of bottom flange. The 
webs, the top flanges and the steel members (stiffeners and top lateral braces) have a 
normal aspect. The concrete surface of the top slab has some minor leaks, so it is slightly 
wet at some points. However, there is no symbol of moisture at the steel box girder. 
Possible causes of 
deterioration 
None 
  
 40 
Sheet #14 
   
Fig 33. F-12-AT Picture of a drainage scupper downspout (April 2019). 
Bridge part: South deck overhang 
Location: 2nd span 
Mechanisms of 
deterioration 
observed: 
Concrete cracking and spalling 
Reinforcement corrosion 
Description: This picture shows the drain corresponding to the second span, as there is one drain 
located at the center of each span, except for this one, which is not located at the center 
in order to avoid detrimental material falling into the creek [see Appendix A page 76]. They 
are all located at the south deck overhang, which is the lowest side of the bridge. 
The concrete surface around the drain is deteriorated: there is spalling, cracking and 
reinforcement corrosion. Moreover, the drainage water is reaching the steel box girder top 
flange and web and bottom girder. 
Possible causes of 
deterioration 
The main cause of this deterioration is an improper design of the drainage system. The 
scupper downspout should divert water away from the structure.  
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Substructure 
Sheet #15 
   
Fig 34. F-12-AT Picture of damage in east abutment walls (April 2019). 
Bridge part: Abutment walls 
Location: East abutment 
Mechanisms of 
deterioration 
observed: 
Concrete cracking, delamination, honeycombs, scaling 
Reinforcement corrosion 
Description: Only the east abutment could be inspected and it presents the following deficiencies: 
• Honeycombs (see the second pictures), which consist of a segregation of the 
coarse aggregates from the fine aggregates and cement paste. 
• Pattern cracking on the whole concrete surface. 
• Heavy vertical cracking following the rebar direction, which is producing 
delamination and scaling and exposing the reinforcement bar to the atmosphere 
but also to the soil. Actually, the concrete cover is loss at some points (see first 
picture). 
Possible causes of 
deterioration 
• Honeycombs may be caused by an improper vibration during construction (excessive 
or insufficient). 
• Map pattern cracking may be caused by an alkali-silica reaction, but also by shrinkage. 
• The vertical cracking may be caused by depassivation of concrete (probably due to 
penetration of chlorides, as this area is exposed to road water draining) which has 
caused reinforcement corrosion. Then, the corrosion products may have expanded 
and pull the concrete cover apart. Also, as this area is frequently wet, it is very 
vulnerable to freezing and thawing cycles, which can intensify the deterioration. 
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Sheet #15 
     
Fig 35. F-12-AT Pictures of bridge second pier (April 2019). 
Bridge part: Piers 
Location: Second pier 
Mechanisms of 
deterioration 
observed: None 
Description: Apparently, any deterioration was observed in the piers. The white stain visible in the first 
pictures are caused by bird droppings. 
Possible causes of 
deterioration 
None 
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Terrain 
Sheet #16 
 
 
Fig 36. F-12-AT Pictures of terrain conditions (April 2019). 
Bridge part: Terrain 
Location: Whole bridge 
Mechanisms of 
deterioration 
observed: None 
Description: During the inspection, embankments were mostly covered by snow. However, they seem 
to be vegetated and stable. At the east abutment, the terrain mesh was visible. 
Possible causes of 
deterioration 
None 	 	
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2.5.	Structural	analysis	
In order to provide a full assessment of the F-12-AT bridge, it was found convenient to perform 
a structural analysis of the bridge to verify if it fulfils the AASHTO LFRG requirements. To do so, 
a 3-D analysis software, called CSI Bridge, is used. 
2.5.1. Loads, materials and assumptions 
The following lines describe the design assumptions made for the computer modeling. 
Loads 
Load Assumptions 
Permanent loads  
  Superstructure dead load According to the unit weight of each structural material, 
according to AASHTO LFRG (AASHTO, 2014). 
 
  Railings Assumes a uniform line load applied to the both edges of the 
deck of 582 lb/ft [8.5 kN/m]. 
 
  Wearing layer Assumes a uniform area load over the deck of 25 lb/ft2 [1.2 
kN/m2], which corresponds to a 2 in-thick bituminous 
pavement. 
 
  Snow Assumes area load over the deck of 31.3 lb/ft2 [1.5 kN/m2], 
which corresponds to a 30 cm-thick very compacted snow 
layer, according to AASHTO LFRG (AASHTO, 2014). 
 
Live loads  
  Vehicular live load Assumes 3 design lanes (despite in reality there are 2) of 12 
foot-wide each [3.66 m]. 
 
Assumes the design truck AASHTO HS-20-44 
 
Breaking and centrifugal load are also included 
Temperature loads  
  Uniform temperature A uniform temperature change of -140 Fahrenheit [60 ºC] is 
assumed, according to AASHTO LFRG requirements (AASHTO, 
2014). 
 
  Temperature gradient The temperature gradient is defined according to AASHTO 
LFRG Figure 3.12.3-2 and considering the structure to be in 
Zone 1 (AASHTO, 2014). 
Table 5. Load assumptions for the structural analysis of F-12-AT. 
Materials 
• Structural steel: ASTM A588 Grade A 
Elastic (Young’s, Tensile) Modulus 190 GPa [27x106 psi] 
Elongation at Break 22% 
Fatigue Strength 270 MPa [50x103 psi] 
Poisson’s Ratio 0.29 
Shear Modulus 73 GPa [11x106 psi] 
Shear Strength 350 MPa [51x103 psi] 
Tensile Strength: Minimum 485 MPa [70x103 psi] 
Yield Point: Minimum 345 Mpa [50x103 psi] 
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Tensile Strength: Ultimate 550 MPa [80x103 psi] 
Tensile Strength: Yield 390 MPa [56x10^3 psi] 
Specific Heat Capacity 470 J/kg-K [0.11 BTU/lb-ºF] 
Thermal Conductivity 45 W/m-K [26 BTU/h-ft-ºF] 
Thermal Expansion 13x10-6 m/m-K 
Density 7.8 g/cm^3 [490 lb/ft3] 
Table 6. ASTM A588 Grade A steel design properties. 
• Structural concrete: 3000 psi 
Modulus of Elasticity 21.5 GPa 
Poisson’s Ratio 0.2 
Coefficient of Thermal Expansion 9.9x10-6 m/m-K 
Shear modulus 8.97 GPa 
Concrete compressive strength 20.68 MPa 
Weight per Unit Volume 23.56 kN/m3 
Table 7. AAHSTO 3000 psi concrete design properties. 
• Reinforcing steel: ASTM A615 Grade 60 
Modulus of Elasticity 200 GPa 
Poisson’s Ratio 0.3 
Coefficient of Thermal Expansion 1.17x10-5 m/m-K 
Shear Modulus 76.9 GPa 
Weight per volume 77 kN/m2 
Minimum Yield Stress, Fy 414 MPa 
Minimum Tensile Stress, Fu 621 Mpa 
Expected Yield Stress, Fye 455 MPa 
Expected Tensile Stress, Fue 683 MPa 
Table 8. ASTM A615 Grade 60 reinforcing steel design properties. 
Frame properties and members 
1. Steel tube girder 
Material Steel ASTM A588 Grade A 
Web size  
  Vertical Clear Depth 81.5 in [207.01 cm] 
  Thickness 0.375 in [9.53 mm] 
  Web spacing at Top (CL to CL) 126 in [210.04 cm] 
Top flange size  
  Width (per each) Variable 
  Thickness Variable 
Bottom flange size  
  Width 86 in [218.44 cm] 
  Thickness Variable 
  Lip (Web CL to Flange Edge) 3 in [7.62 cm] 
Top lateral bracing Pratt-Type 
Table 9. Steel tube girder design properties. 
 
 46 
 
 
 
Fig 37. Variation of steel box tube girder dimensions assumed for structural analysis. 
2. Top slab 
Material Concrete 3000 psi 
Number of steel tube girders 2 
Total width 42 feet [12.80 m] 
Top slab thickness 8.75 in [22.23 cm] 
Haunch height 3 in [7.62 cm] 
Overhang length 126 in [3.20 m] 
Overhang outer slab thickness 8.75 in [22.23 cm] 
Table 10. Top slab design properties assumed for the structural analysis. 
3. Top lateral bracing 
Type of section Tee 
Material Steel ASTM A588 Grade A 
Outside stem 5 in [12.70 cm] 
Outside flange 5 in 
Flange thickness 0.375 [9.53 mm] 
Stem thickness 0.375 [9.53 mm] 
Table 11. Top lateral bracing design properties assumed for the structural analysis. 
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4. Diaphragms 
For the computational structural analysis, 3 types of diaphragms are considered: 
• Type D1 & D2 in figure 38. These are internal diaphragms located over supports. They 
are modelled as steel plate with web thickness of 0.4375 in, top flange width of 12 in 
and top flange thickness of 1 in. 
• Type D3 in figure 38. These are external diaphragms located over supports but also at 
intermediate in-span positions. They are modelled as a single beam with outside height 
of 81.5 in, top flange width of 12 in, top flange thickness of 0.625 in, web thickness of 
0.4375 in, bottom flange width of 12 in and bottom flange thickness of 0.625. 
• Type D4 in figure 38. These are internal diaphragms located at intermediate in-span 
positions. They are modelled as a top chord and X-brace. Top chords consist of a steel 
angle section with vertical and horizontal leg longitude of 5 in and thickness of 0.375 in. 
The X-brace consists of a steel angle section with vertical and horizontal leg longitude of 
4 in and thickness of 0.375 in. 
Figure 38 illustrates how top lateral bracing and diagrams are distributed along the bridge 
superstructure. 
 
 
Fig 38. Diaphragms and top lateral bracing distribution assumed for the structural analysis. 
5. Internal stiffeners: Their contribution is not considered in this structural analysis. 
6. Bearings: They are modelled as specified in table 2. 
7. Piers: there are not considered in this structural analysis. 
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2.5.2. Discretization 
The 3D model built as an Area Object Model and discretized with a preferred Maximum 
Submesh Size of 48 inches. The following figure shows the how the 3D model is discretized: 
 
 
Fig 39. Discretization of the structural computational model. 
2.5.3. Results 
Bending moment diagrams for main loading cases 
Dead Load - Bending Moment About Horizontal Axis [kNm] 
 
Uniform Temperature Load - Bending Moment About Horizontal Axis [kNm] 
 
 
Temperature Gradient Load - Bending Moment About Horizontal Axis [kNm] 
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Live Load - Bending Moment About Horizontal Axis [kNm] – Envelope Max/Min 
 
Fig 40. Bending moment diagrams for main loading cases. 
Strength I Load Combination - Verification 
The Strength I Load Combination represents a normal vehicular use of the bridge in its 75-year 
design life. During this live-load event, the effect of wind is considered to be negligible. 
According to the FHWA Steel Bridge Design Handbook, for a typical multi-girder highway 
overpass the Strength I Load Combination will generally be the only combination requiring 
design calculations (FHWA, 2015). Therefore, this analysis is limited to this load combination. 
Strength I Load Combination – Vertical Displacements [cm] - Envelope 
 
Fig 41. Vertical deflections diagram for Strength I Load Combination. 
The section verifies the Strength I Load Combination requirements for steel tube girder section, 
according to AASHTO LFRG (AASHTO, 2014). 
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2.6.	Proposal	of	measures	to	increase	service	life	
According to the flaws identified during the visual inspection of the bridge, there are several 
measures that could have been considered during the design stage and could have extended 
the service life of the bridge. 
2.6.1. Measures to increase durability against physical deterioration mechanisms 
Addition of air-entraining agent to establish protective air-void system concrete 
Concrete surfaces near expansion joints are heavily deteriorated. They present cracking, scaling, 
spalling and reinforcement corrosion. By adding an air-entertaining agent, the concrete mixture 
becomes less permeable and thus less susceptible to the repeated cycles of freezing and 
thawing, which may produce the deteriorated of hardened cement paste (AASHTO, 2017). 
Limiting W/C ratio to < 0.4 with a reasonable use of admixtures 
Concrete surfaces exposed to deicer agents (draining parts and filtrations) present 
deterioration: cracking, scaling, spalling and reinforcement corrosion. This is because deicing 
chemicals amplify deterioration due to freezing and thawing and may interact chemically with 
cement hydration products. According to AASHTO LFRG (AASHTO, 2017), by limiting the W/C 
ratio, the concrete mixture may become less permeable and thus less vulnerable. 
Use of non-susceptible aggregates or reduction in maximum coarse aggregates size 
Due to freezing and thawing cycles, susceptible coarse aggregates can fracture or suffer 
excessive dilatation, which may produce internal stresses and cause concrete deterioration: 
cracking, scaling and spalling. The choice of aggregates used in the concrete mixture should be 
based on minimizing the susceptibility to freezing and thawing cycles (AASHTO, 2017). 
2.6.2. Increase durability against chemical deterioration mechanisms 
Increase of concrete cover 
According to the bridge plans [see Appendix A page 67], the concrete cover at the top of the 
deck is 2 in [5 cm] and 1 in [2.5 cm] at the bottom. According to AASHTO LFRG Table 5-10.1, this 
is insufficient: for concrete exposed to deicing salts, the minimum cover must be 2.5 in [6.5 cm] 
(AASHTO, 2017). An increase of the concrete cover may increase the depassivation time against 
chloride penetration and carbonatation, and thus, increase the life-time of the deck, as the 
corrosion in reinforcement may appear later.  
Apply coatings to the steel girder surfaces at those areas near joints and drainage 
According to the AASHTO Maintenance Manual for Bridges, weathering steel requires 
maintenance coatings under certain conditions. However, the uniqueness corrosion of 
weathering steel creates a significant problem when surface preparation is considered. 
Therefore, weathering steel des not perform properly in the vicinity of bridge deck joints in 
climates where de-icing salts are used (AASHTO, 1999). 
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In any case, according to Colorado Department of Transportation Bridge Design Manual (CDOT 
BDM) when unpainted weathering steel is used, the last 6 feet of girders on either side of an 
expansion joint shall be painted, equivalent to Federal Standard 595B Color No. 30045 
(weathered steel color) (CDOT, 2019). 
According to the FHWA Technical Advisory 5140.22 (FHWA, 2019) for proper application of 
Uncoated Weathering Steel in Structures, all steel at a distance of 1 ½ the depth of the girder 
from the bridge joint should be periodically clean and, when needed, repainted.  
Use of High-Performance Concrete (HPC) or Ultra-High-Performance Concrete (UHPC) 
These types of concrete have a lower permeability and thus slower chloride intrusion, as they 
are less porous, as well as less vulnerability to internal stresses caused by freezing and thawing 
cycles. However, these types of concrete may be incompatible with the addition of air-entraining 
agent, so their feasibility should be studied separately (AASHTO, 2017).  
Use of epoxy-coated reinforcement, bimetallic reinforcement, stainless steel reinforcement or 
non-metallic reinforcement such as fiber-reinforced polymer 
These types of reinforcement are not susceptible to corrosion due to chlorides. Actually, 
according to the CDOT Bridge Design Manual (CDOT, 2019), reinforcing in structural elements 
that may be subjected to anti-icing or deicing chemicals shall be corrosion resistant. This 
includes, but is not limited to: 
• Deck slabs, approach slabs, cast-in-place slab superstructures, etc. 
• Abutments and pier diaphragms, abutment camps and abutment wingwalls 
• Pier caps and columns located under an expansion joint 
• End of girders within 8 ft of an expansion joint 
Therefore, according to these requirements, all layers of reinforcing in the top slab and 
abutments shall be provided by corrosion resistant reinforcing. 
Improve of deck drainage elements 
According to the FHWA Technical Advisory 5140.22 (FHWA, 2019), control roadway drainage is 
necessary in order to eliminate the exposure of the steel to contact with drainage from the 
roadway above. This can be achieved by: 
• Maximize the distance between drainage scuppers. 
• Design and place scupper downspouts so that drainage will not contact the steel 
surface. A possible solution consists of using drain pipes, which should not be routed 
through closed box sections where leakage inside the box is possible. 
• Consider the use of a trough under the deck joint to divert water away from vulnerable 
elements.  
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Remove of details that can trap water and debris 
According to the FHWA Technical Advisory 5140.22 (FHWA, 2019), all details must be designed 
to provide natural drainage. Bottom flanges and small copes in corners of plates are details that 
pond water and are susceptible to corrosion, so they must be minimized. 
Increase maintenance actions 
According to the FHWA Technical Advisory 5140.22 (FHWA, 2019), an effective inspection and 
maintenance programs are essential for uncoated weathering steel bridges. They propose the 
following maintenance actions, which should be carried out cyclically: 
1. Implement inspection guidelines that illustrate the different between desired rust 
coating and excessive corrosion rust. 
2. Control the roadway drainage, by diverting approach roadway drainage away from the 
bridge structure and properly maintain deck drainage systems clean and functionally. 
3. Remove dirt, debris and other deposits of moisture on steel surfaces.   
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3.	Study	of	an	alternative	
As the steel alternative has had a rapid deterioration and does not seem a smart solution for 
environments with high content in deicing salts, this chapter will look into an alternative that 
would provide better results in terms of durability. 3.1.	Precast	concrete	segmental	prestress	box	girder	
In the original construction project, which is provided at the Appendix A of this report, there was 
a concrete alternative, consisting of a precast segmental prestressed concrete box girder. This 
is the reason why this solution will be discussed in the following lines. 
3.1.1. Description 
The cross-section has variable bottom slab thickness (8.5 in [21.59 cm] at mid-span and 20 in 
[50.80 cm] near pier) and variable web thickness (17 in [42.18 cm] at mid-span and 19 in [48.26 
cm] near pier). The top slab has constant 8.5 in-depth. The out to out deck width is 42 ft [12.8] 
and cantilever wings measure 9.5 ft-long [24.13 cm]. The section is 10 ft-high [3.05 m] and webs 
are inclined at ¼. The deck also includes a 2-inch-thick wearing surface consisting of bituminous 
pavement over a waterproofing membrane which is applied in a secondary pouring operation, 
as steel alternative solution. Concrete’s strength is 5500 psi [38 MPa]. 
According to FHWA Post-Tensioned Box Girder Design Manual, for cantilever wings greater than 
8 ft, transverse post-tensioning should be used. Therefore, this design, which involves 9.5 ft wing 
cantilevers, could have an undesired cracking under service level loadings which might reduce 
durability, especially in environments with high content of chlorides. This should be analyzed. 
The concrete cover 2 in [5 cm] at the top of top of the top slab and 1 in [2.5 cm] at the rest of 
the lower surfaces. As seen in the previous chapter, according to AASHTO LFRG 2017 Table 5-
10.1 (AASHTO, 2017), this is insufficient: for concrete exposed to deicing salts, the minimum 
cover must be 2.5 in [6.5 cm]. 
 
Fig 42. Typical cross section for precast prestressed concrete box girder bridge solution. 
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See Appendix A page 36 and 37 for further detail regarding cross section design. 
Diaphragms at abutments consist of a 2-ft-thick [61 cm] full concrete section, while at piers is 4-
ft-thick [122 cm] with an access opening at the center. 
This solution is conceived to be built by the balanced cantilever method, which involves the 
symmetrical erection of precast segments about a supporting pier. The length of the spans was 
rearranged regarding the steel solution so that all cantilevers have the same length: the steel 
solution has a span arranging of 155 ft + 208 ft + 208 ft + 155 ft [47.24 m + 63.40 m + 63.40 m + 
47.24 m] while this concrete solution has a span arranging of 143 ft + ft 220 ft + 220 ft + 143 ft 
[43.59 m + 67.06 m + 67.06 m + 43.59 m]. 
Therefore, the construction sequence is the following: 
1. Pour the footings for all piers and abutments. 
2. Pout the piers and abutments up to bearing seat elevation. 
3. Erect the first cantilever at the first pier. Each cantilever has a length of 110 ft [33.53 m]. 
4. Erect the abutment cantilever, pour the closure and stress continuity prestressing at 1st 
span. 
5. Erect the second cantilever at the second pier. 
6. Pour the closure, stress continuity prestressing and 2nd span. 
7. Repeat. 
See Appendix A page 43 for further detail regarding construction sequence. 
Regarding the arrangement of the segments, each cantilever is formed by 15 segments. Each 
segment is 85.75 in-long [2.18 m], while closure pours are 19.5 in-long [49.53 cm]. 
 
 
 
Fig 43. Arrangement of segments in plan and elevation for precast prestressed concrete box girder bridge solution. 
See Appendix A pages 38 and 40 for further detail regarding segments design and placement. 
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Three kinds of prestressing were considered in the design: 
1. Cantilever prestressing, which counteracts the bending effect from the self-weight of 
the cantilever during construction. Tendons are contained within the top slab, spaced 
in a single layer over each web. Also, they are anchored in in blisters (anchor blocks) cast 
into the segments at the intersection of the top slab and web. This allows the 
anchorages to the inspected at any time during and after construction (Corven, 2016). 
2. Bottom continuity prestressing at mid-span. Tendons are also anchored in blisters. 
3. Top continuity prestressing along the whole deck, which counteract the tensile stresses 
in the top slab caused by mid-span bottom continuity tendons along with live loads in 
adjacent spans (Corven, 2016). 
It should be noted that the original project doesn’t provide any specific prestressing layout or 
post-tensioning forces. The plans only give general indications and further calculations are left 
to the constructor’s criterion. Therefore, the feasibility of top continuity prestressing should be 
studied, and this is usually needless. 
Prestressing steel used in the design are seven-wire ½ in-diameter strands with an ultimate 
strength of 270 ksi [1860 MPa]. 
See Appendix A pages 41, 42 and 44 for further detail regarding prestressing layout design. 
Regarding the piers, they have the same design principles as the steel alternative described in 
chapter 2.3.2, and only height of the column and footing slab sizes change. Idem for abutments. 
See Appendix A pages 29 to 33 for abutment details and pages 34 and 35 for pier details. 
3.1.2. Feasibility 
The main advantage of this solution is the fact that precast segments can be constructed in a 
factory away from the work area. This may increase quality control and, most important, makes 
the construction independent of work area weather conditions. This might be convenient for 
very cold environments such as Vail Pass, as pouring concrete in freezing temperatures is not 
appropriate. 
However, this solution is not feasible for the following reasons: 
1. The height of the bridge is low (piers measure approximately 45, 60 and 30 foot-high 
[13.8, 18.3 and 9.5 meters]) and the bridge does not go through any deep obstacle. 
Therefore, construction on falsework supported on ground is feasible and indicated. 
Even if the precast solution would be chosen, it would probably be executed on 
falsework. 
2. Precast construction is indicated for long bridges in which the segments are 
geometrically repetitive. However, as the bridge is curved both in the vertical and 
horizontal alignments, there are not two equal segments. This increases the complexity 
of molds and construction process, and thus increases cost. 
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3. During June, July and August, the average minimum temperatures at Vail Pass are 
slightly above freezing level. Concrete pouring could be executed during these months. 
Moreover, according to the FHWA Post-Tensioned Box Girder Design Manual, the typical span 
range for precast balanced cantilever box girder (as proposed in the project) is 200 to 500 feet 
[60 to 150 meters]. As the spans for the concrete solution are 143 feet and 220 feet-long, the 
FHWA recommends a cast-in-place box girder on falsework bridge. 
Therefore, this solution is rejected. 3.2.	Cast-in-place	prestressed	concrete	continuous	box	girder	bridge	
As an alternative to the current steel structure, and after rejecting the precast concrete solution, 
a cast-in-place prestressed continuous box girder bridge will be discussed. Also, a preliminary 
design will be calculated in order to estimate material quantities and perform a Life-Cycle Cost 
Analysis. This preliminary design will be based on the FHWA Post-Tensioned Box Girder Design 
Manual (Corven, 2016), which provides recommendations for highway bridges. 
3.2.1. Preliminary design 
Span lengths 
The span arrangement of the steel alternative will be considered instead of the concrete 
alternative, as span length is more uniform. Therefore, the arrangement is: 155 ft + 208 ft + 208 
ft + 155 ft. 
Cross Section 
1. Superstructure depth 
According to AASHTO LRFD Table 2.5.2.6.3-1 (AASHTO, 2014), the traditional minimum depth 
for constant depth cast-in-place prestressed concrete box girder superstructure and continuous 
spans: 𝐷 = 0.040	𝐿 = 0.040 ∗ 208 = 8.32	𝑓𝑡	[2.54	𝑚] ≈ 8.5	𝑓𝑡	[2.59	𝑚] 
2. Superstructure width 
The width of the deck is kept to 42 ft as the current bridge, with 2-ft-wide barriers, 2-12 ft traffic 
lanes and 2-7 ft shoulders. 
3. Width and thickness of cantilever wings  
The cantilever length is set to 8 ft, as this is the maximum length so that transverse post-tensions 
is not required, according to FHWA (Corven, 2016). Long cantilever wings have aesthetic benefits 
but also protect the web fascia from water. 
For cantilever lengths between 5 ft and 8 ft, the root thickness 𝑡5  may be estimated as: 𝑡5 = 12 + (𝐿5 − 5) = 12 + (8 − 5) = 15	𝑖𝑛 
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At the wing tip beneath the traffic barrier, the thickness is set to 10 in. According to FHWA 
(Corven, 2016), it typically needs a minimum of 8 or 9 in. 
4. Web thickness 
According to AASHTO LFRG (AASHTO, 2014), a minimum web thickness of 12 in is needed for 
webs with longitudinal (like post-tensioned box girder bridges) or vertical ducts. According to 
FHWA, the average thickness of cast-in-place box girder webs typically ranges from 18 in to 21 
in. 
FHWA (Corven, 2016) provides the following methodology for estimating overall web thickness, 
which consists of verifying shear stresses from dead loads: 
𝜏>? = 𝑉	𝑄B𝐼	𝑏EFEGH = 𝑝>?	𝐿JGK2	(0.08	ℎ	𝑏EFEGH) 
Where 𝑝>? is the dead load of the superstructure (kips/ft), 𝐿JGK  is the maximum span length in 
bridge (ft), ℎ is the depth of the box girder superstructure and 𝑏EFEGH is the total width of web at 
neutral axis. 
Then, the dead load of the structure can be estimated by using characteristic average thickness 
(cross-sectional area divided by bridge width).  𝑝>? = 𝑡GMN	(𝐵)	(0.15	𝑘𝑐𝑓) + 𝑝R + 𝑝ST = 1.75	(42)	(0.15	𝑘𝑐𝑓) + 0.58 ∗ 2 + 0.95≈ 13.2	𝑘𝑖𝑝𝑠/𝑓𝑡 
Where 𝑡GMN  is the average structure thickness (ft), 𝐵 is the overall bridge width (ft), 𝑝R is the 
weight of the barriers (kips/ft) and 𝑝ST is the weight of the wearing surface (kips/ft). 
Solving for 𝑏EFEGH and defining an allowable dead load shear stress 	𝜏GHHFS, which according to 
FHWA might be between 5X𝑓′5  and 7X𝑓′5 : 𝑏EFEGH = 𝑝>?	𝐿JGK2	(0.8	ℎ)	𝜏GHHFS = 13.2 ∗ 2082	(0.8 ∗ 8.5) ∗ 0.221√5 ∗ 12 = 43.0	𝑖𝑛 
Therefore, as the overall web thickness is estimation is 43.0 in, this suggests two webs of 21 
inches. This is a common value according to FHWA (Corven, 2016). 
5. Top Slab Thickness 
According to AASHTO LRFD Article 9.7.1.1 (AASHTO, 2014), the minimum top slab thickness 
should be not less than 7 in. Moreover, cover requirements in AASHTO LRFD Article 5.12.3 imply 
that the minimum thickness should be increased by ½ in to 7.5 in is the bridge deck is exposed 
to deicing salts.  
According to FHWA (Corven, 2016), as a rule of thumb for initial box girder dimensioning, the 
following range of clear span to deck thickness may be used: 𝐿5HNG[14 ≥ 𝑡THGR ≥ 𝐿5HNG[17  
 58 
In this equation, 𝐿5HNG[ is the clear or effective span, which is the distance between webs minus 
the length of the fillets or haunches. According to FHWA, transverse post-tensioning is typically 
required when clear spans are greater than 15 ft. Therefore, 3.75-ft-long haunches are used so 
that the clear span is 15 ft and transverse post-tensioning is not required. Then: 1514 ≈ 1.1	𝑓𝑡 ≥ 𝑡THGR ≥ 1517 ≈ 0.9	𝑓𝑡 
Therefore, the chosen top slab thickness is 1 ft = 12 inches. 
6. Bottom slab thickness 
AASHTO LRFD Article 5.14.1.5.1b (AASHTO, 2014) provides criteria for the minimum thickness 
of bottom slabs: 
• Minimum thickness of 5.5 inches. 
• The clear span between fillets, haunches, or webs for prestressed girders divided by 30, 
unless transverse ribs are used. This is ]^_B = 6	𝑖𝑛. 
According to FHWA (Corven, 2016), if the bottom slab is to accommodate top and bottom cover 
and four layers of reinforcing (longitudinal and transverse bars in a top and bottom mat), the 
practical minimum thickness is approximately 7 inches. Due to the AASHTO LFRG cover 
requirements for concrete exposed to deicing agents, the thickness of the bottom slab is set to 
10 inches. 
Therefore, a preliminary design that fulfills the requirements stated in AASHTO LRFD Article 
5.14.2.3.10 is presented in the following figure: 
 
 
Fig 44. Preliminary dimensions of cross section for cast-in-place prestressed concrete box girder bridge. 
Construction stages 
As the bridge has a length greater than 500 feet, a single concrete pouring operation is not 
possible so staged construction is preferable, therefore, the span-by-span construction method 
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will be used. Thus, the 4 cast-in-place segments will be constructed over falsework and 
formwork, whit the construction joints at ¼ of the span length. 
The following figure shows the construction sequence and the length of the segments: 
 
 
Fig 45. Construction stages and segment length for section for cast-in-place prestressed concrete box girder bridge. 
3.2.2. Feasibility 
This solution based on a concrete single box girder, as described above, is feasible due to several 
reasons: 
1. As pointed above, the height of the bridge is compatible with building the bridge using 
the span-by-span method over falsework. 
2. There are several bridges close to the F-12-AT, at Vail Pass, which were built using these 
construction methods. Therefore, both the CDOT and the constructors have successful 
experience with this construction procedures. 
3.2.3. Considerations regarding durability 
The following points present some points which should be considered in order to increase 
durability of the concrete solution discussed above. In addition to these considerations, 
measures presented in chapter 2.5 should also be considered. 
Minimize concrete permeability 
According to FIB (FIB, 2006), it is possible to improve the concrete protection by increasing the 
cover or reducing the permeability of concrete. Increasing cover beyond minimum 
recommendations given by Codes is not a smart strategy as this requires increased section 
thickness and thus, increased prestress adding overall weight and cost. Therefore, reducing 
permeability shall be a primary objective to increase durability. Some strategies may be: 
a) Limit W/C ratio. According to J.S. West, for lower water/cement ratios, generally less 
than 0.38, the permeability of the cement paste may be considerable reduced (J. S. 
West, 1999). According to ASCI Committee 201, chloride ion permeability with water-
cement ratios of 0.40 and 0.50 is 400 to 600 percent higher than concrete with a water-
cement ratio of 0.32. Therefore, they recommend to minimize the water/cement ratios 
for concrete exposed to aggressive environments, preferably below 0.40 (ACI 
Committee 201, 1992). 
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b) Use concrete additives. According to J.S. West, the use of mineral admixtures with 
pozzolanic characteristics (fly ash and silica fume are the most used in the United States) 
has shown lower permeability and reduced penetration of chlorides. Also, they state 
that steam or moist cured concrete will have a lower permeability due to the potential 
for through hydration and less shrinkage cracking (J. S. West, 1999).  
c) Increase quality control during construction. Consolidation or compaction of concrete is 
also necessary for low permeability, as voids or excessive entrapped air are due to poor 
pouring practices, lack of vibration or deficient reinforcement detailing (J. S. West, 
1999). 
d) Control crack width. Cracking has also a significant impact on permeability, as cracks 
permit access for moisture, chloride ions and oxygen to reach the reinforcement and 
accelerating corrosion. AASHTO LFRG (AASHTO, 2014) stablishes the maximum 
allowable crack width at level of reinforcement for severe exposure to 0.3 mm for 
prestressed concrete. Crack with can be successfully controlled by prestressing. 
According to FIB (FIB, 2006), care is required when considering the layout and 
sequencing of concrete pours. They state that the application of a low initial prestress 
at an early age can help to counteract early-age cracking. 
e) Apply surface treatments. Permeability may be also reduced by applying concrete 
surface treatments (such as waterproof membranes and surface polymer 
impregnation), which prevent moisture and chlorides from entering the concrete. 
According to FIB (FIB, 2006), there are not systems available which can be guaranteed 
to remain waterproof through the life of the bridge. Therefore, maintenance (whose 
cost may be significant) should be expected. 
f) Use of high-performance concrete. According to FIB (FIB, 2006), they have 
demonstrated excellent low permeability characteristics. 
Expansion joints 
According to FIB (FIB, 2006), where expansion joints are used, provision should be made for 
inspection of the joint and the structure underneath the joint. Also, appropriate drainage paths 
for the leakage should be provided insuring that in cannot get access to tendon anchorages of 
bearings. In this sense, a smart strategy is designing buried anchorages for internal tendon 
beneath the expansion joint with an abutment gallery. Actually, this practice is fully supported 
by FHWA in order to increase inspection access at segmental bridge abutments (FHWA, 2018). 
 
 
Fig 46. Buried anchorage for internal tendons beneath expansion joint, with abutment gallery. (FIB, 2006) 
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Drainage systems 
The same recommendations provided in chapter 2.5.2. should be considered with a significant 
variation: the aim of drainage systems in the steel bridge solution is to avoid drainage water to 
reach the uncoated steel structural elements, while in this case the aim must be blocking water 
to access to the tendons. Therefore, different strategies may be adopted. 
Protect reinforcement against corrosion 
As pointed in chapter 2.5.2, CDOT Bridge Design Manual (CDOT, 2019) requires corrosion 
resistant (such as epoxy-coated mild steel or stainless steel) at those structural elements that 
may be subjected to anti-icing or deicing chemicals. This includes cast-in-place slab 
superstructures (like the one is being discussed) as well as abutments. If the whole 
superstructure is not provided by corrosion resistant reinforcement, at least should be placed 
at the end of girders within 8 ft of an expansion joint. 
Protect tendons against corrosion 
According to J.S. West, only epoxy coating and zing galvanizing have been successfully applied 
to prestressing strands (J. S. West, 1999).  
• Epoxy-coated prestressing strands. There exist two configurations: coated strand and 
coated and filled strand. In this last configuration, the interstices between the individual 
wires are filled with epoxy in addition to the external coating.  
• Galvanized prestressing strands. The use of this kind of strands in bridges is prohibited 
in North America according to the FHWA. The CDOT Bridge Manual Design also insists 
in this prohibition (CDOT, 2019). 
Ducts are very important elements not only for providing a void to allow placement and stressing 
of tendons after concrete has been cast, but also to protect strands from moisture and chlorides 
penetration. Three types of ducts are presented: 
• Galvanized steel duct. According to J.S. West, this is the most widely used material. 
However, research studies have found that the corrosion protection provide by 
galvanizing is limited and severe corrosion damage, including corrosion through the 
duct, can occur in deicing agent’s exposure. Therefore, they should not be used in this 
kind of exposure (J. S. West, 1999). 
• Epoxy-coated steel duct. According to Perenchio, epoxy-coated ducts show an excellent 
performance in comparison to galvanized steel ducts, in terms of grout chloride levels 
and strand corrosion damage (Perenchio, 1989). 
• Plastic duct. According to J.S. West, this type of system can provide the highest level of 
corrosion protection, since they are non-corroding and prove an impermeable barrier 
to aggressive agents. 
According to AASHTO LRFG Construction Specifications (AASHTO, 2017), the time between 
stressing and grouting must be limited depending on the ambient exposure. Otherwise, 
temporary corrosion protection measures must be adopted. Choosing a low permeable cement 
grout for post-tensions is also important in order to provide corrosion protection to the tendon.  
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4.	Comparison	of	alternatives	4.1.	Durability	
In terms of durability, the weathering steel has been found to perform poorly in highly corrosive 
applications as the present case: high presence of deicers, accumulated debris, and high times 
of wetness due to frequent rain and snowfall. This statement was also agreed by the Forum on 
Weathering Steel for Highway Structures (FHWA, 2015): largely it was found that poor 
performance was attributed to improper detailing and overextension of the technology to highly 
corrosive applications (marine environments, excessive deicers, accumulated debris, and high 
times of wetness). 
The advantages of a prestressed concrete solution with respect to a steel solution are many: 
1. The structural form a concrete girder minimizes the surface area to volume ratio. In 
other words, the exterior surface exposed to aggressive environmental agents, such as 
deicing salts, is less in comparison to a steel solution (up to 37% less), as demonstrated 
in table 12. 
Solution Exterior area of superstructure Volume of superstructure 
Surface/ 
Volume Ratio 
Composite concrete slab and 
double steel tube girder 
Top slab and steel tube girders: 
78,287 ft2 [7,273 m2] 
Diaphragms: 
3,037 ft2 [282.1 m2] 
Total: 
81,324 ft2 [7,555 m2] 
119,790 ft3 
[3,392 m3] 0.68 
Prestressed concrete box 
girder 70,422 t
2 [6,542 m2] 162,987 ft
2 
[4,615 m3] 0.43 
Table 12. Comparison of Surface/Volume ratio for steel and concrete solutions. 
2. The shape of concrete box girders removes any horizontal surface (such as bottom 
flanges in steel box girders or diaphragms) which prevents chloride-laden water to pond 
and accelerate corrosion.  
3. The prestressing allows a major crack width control. In fact, prestressing may be 
designed so that no cracking is produced under service loads. 
4. Concrete box girders have less complexity in detailing and the box girders are greater in 
depth, which is beneficial for inspecting the interior of the girder, as a person can easily 
walk through it. 
In addition to these theoretical advantages, there are some empirical evidences that 
demonstrate that segmental cast-in-place concrete continuous box girder bridges have a better 
performance in terms of durability compared to continuous steel box girder bridges. It turns out 
that at Vail Pass, when the I-70 highway was constructed, many segmental prestressed concrete 
bridges were built in parallel to the steel bridges. Actually, there are 13 steel bridges and 8 
prestressed concrete bridges in this area, all of them built between 1977 and 1978 and similar 
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in terms of design. This provides a great opportunity to compare the performance of both types 
of solutions. 
Figure 47 presents the average NBI Sufficiency Rating of all 13 steel bridges and 8 prestressed 
concrete bridges mentioned above. Prestressed concrete bridges present a constant trend since 
1990 to present, with an average sufficiency ratting of 97 out of 100. Steel bridges present a 
decaying trend which suffered a significant drop between years 1998 and 2003, from 90 to 54 
respectively, and then it presents a constant trend between 2005 and present with values 
around 70 out of 100. The slight recovery in the Sufficiency Rating between 2003 and 2005 might 
be due to some large repair operations which were carried out by CDOT (CDOT, 2019), which 
consisted of improving deck joints and repairing concrete areas beneath joints. 
 
Fig 47. Evolution of NBI Sufficiency Rating of steel and concrete bridges at Vail Pass. (FHWA, 2019) 
For further research purposes only, the structure numbers of the steel bridges at Vail Pass are 
F-11-AO, F-11-AP, F-11-AS, F-11-AT, F-12-AJ, F-12-AK, F-12-AL, F-12-AM, F-12-AN, F-12-AO, F-12-
AP, F-12-AS and F-12-AT. The prestressed concrete bridges are F-11-AK, F-11-AL, F-11-AM, F-11-
AN, F-11-AU, F-11-AV, F-11-AW, F-11-AX. 	 	
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4.2.	Life-Cycle	Cost	Analysis	
Life-Cycle Cost Analysis (LCCA) is an evaluation technique that support investment decisions. It 
considers both near- and long-term activities required to maintain highway assets above some 
minimum performance levels. (FHWA, 2019) In this case, performing a LCCA it is especially 
interesting because the deterioration of the steel alternative has been already assessed, so the 
maintenance costs can be better estimated. 
4.2.1. Definition of activities and costs 
The construction costs include the following items: 
a) Cost of the materials. The quantity of each material has been calculated and multiplied 
by its cost, which have been extracted from the CDOT Cost Data (CDOT, 2019) which 
annually compiles average prices for items on highway construction projects that were 
bid during such year. 
b) Cost of the construction works. The average costs (per square feet of deck area) of the 
construction works of similar projects (similar number of spans, length of bridge and 
deck area) have been calculated. They have also been extracted from de CDOT Cost Data 
(CDOT, 2019). 
The maintenance costs have been split into 3 categories. The activities included in each category 
correspond to the CDOT Preventive Maintenance Program (Theodore Hopwood II, 2015). 
a) Scheduled Preventive Maintenance. This consist of cyclical activities that are performed 
at pre-determined intervals that aim to preserve and delay deterioration of bridge 
elements (FHWA, 2018). This includes activities such as deck cleaning, expansion joint 
sealing, asphalt repair, minor concrete patching, crack epoxy injection, clean and 
lubrication of bearings, etc. 
b) Condition-Based Preventive Maintenance. This consists of maintenance activities that 
are performed in response to known defects, which are identified through an inspection 
process (FHWA, 2018). The cycle for each maintenance activity has been determined 
through the history of inspection reports performed by the NBI at the F-12-AT bridge: it 
allows to estimate the years it takes a bridge element to downgrade its condition from 
“Satisfactory” to “Fair”. For other elements whose condition was not reported during 
the NBI inspection process, the maintenance cycle has been extracted from the Report 
No. CDOT-2012-4 (Hearn, 2012), which determines median life of bridge element in 
each condition state (satisfactory, fair, poor, serious). The Preventive Maintenance 
action is assumed to be performed when an element downgrades its condition from 
“Satisfactory” to “Fair”. The cost of each maintenance activity has mainly also been 
extracted from this source. This includes some activities such as deck joint replacement, 
partial depth deck repairs, railings repair or replacement, drain replacement and epoxy 
inject of cracks. 
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c) Rehabilitation. This involves major work required to restore the structural integrity of a 
bridge, as well as to correct major safety defects (FHWA, 2018). It was found in the CDOT 
Cost Data (CDOT, 2019) that it is common that some bridges go through a rehabilitation 
process after 40 or 50 years under service. For this reason, the LCCA will consider a 
major rehabilitation, which consists of replacing part of the superstructure of the bridge, 
happening at the 50th year of service. The costs of this rehabilitation works were 
estimated by averaging the cost of rehabilitation projects performed in bridges with 
similar features to the F-12-AT, extracted from the CDOT Cost Data (CDOT, 2019). 
The period range of this LCCA is set to 75 years. 
All the costs have been updated to 2018 values according to the Colorado Construction Cost 
Index published by CDOT (CDOT, 2019). Also, as CDOT stablishes (FHWA, 2019), a discount rate 
of 3.3% has been adopted. An annual inflation rate of 4.6% has been adopted, which is the 
average inflation in Colorado for construction since 1987, according to the Colorado 
Construction Cost Index (CDOT, 2019). This high inflation rate emphasizes the need to perform 
LCCA for transportation projects, as the raising costs while keeping same public funding will 
reduce de CDOT’s buying power.  
4.2.2. Estimation of quantities and costs 
Construction Costs Estimation 
LCCA Table 1. Steel Alternative. Construction Costs Estimation. 
Action/Element/Material Units Quantity Unit cost [$] (2011 prices) 
Unit cost [$] 
(2018 prices) 
Total cost [$] 
(2018 prices) 
Clearing and Grubbing Lump Sum 1.00 29,425.73 46,793.16 46,793.16 
Structure Excavation Cubic Yard 1,910.00 7.36 11.70 22,354.57 
Structure Backfill (Class II) Cubic Yard 1,315.00 10.60 16.86 22,165.97 
Hot Bituminous Pavement 
(Grading E) (Hault and 
Asphalt) 
Ton 326.00 72.18 114.78 37,418.77 
Asphalt Cement Ton 20.00 567.81 902.94 18,058.77 
Drilled Caisson (48 inch) Linear Foot 204.00 293.60 466.89 95,244.81 
Structural Steel Pounds 1,014,745.00 1.75 2.78 2,823,904.80 
Bearing Device (Type III) Each 10.00 5,500.00 8,746.17 87,461.67 
Waterproofing Membrane Squared Yard 3,112.00 14.15 22.50 70,024.68 
Bridge Expansion Device 
(Type IV) Linear Foot 76.00 193.62 307.90 23,400.16 
Field Office Each 1.00 19,152.09 30,455.89 30,455.89 
Field Laboratory Each 1.00 16,003.42 25,448.83 25,448.83 
Concrete Class A (Bridge) Cubic Yard 480.00 405.17 644.31 309,267.01 
Concrete Class A (Bridge) 
(Colored) Cubic Yard 181.00 405.17 644.31 116,619.44 
Concrete Class D (Bridge) Cubic Yard 647.00 410.88 653.39 422,741.00 
Concrete Class D (Bridge) 
(Colored) Cubic Yard 411.00 582.71 926.63 380,845.98 
Concrete Class S (Bridge 
Piers) (Colored) Cubic Yard 289.00 300.00 477.06 137,871.40 
Reinforcing Steel Pounds 471,748.00 0.73 1.16 547,630.98 
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Delineator (Type I) (Barrier) Each 20.00 21.18 33.68 673.61 
Delineator (Type III) (Barrier) Each 2.00 26.85 42.70 85.39 
Flagging Hours 90.00 20.64 32.82 2,953.98 
Sanitary Facility Each 1.00 1,377.54 2,190.58 2,190.58 
Mobilization Lump Sum 0.50 211,129.05 335,739.99 167,870.00 
Construction works Square Foot 30,752.00 141.72 225.3648741 6,930,420.61 
Total (2018 prices)     12,321,902.06 
Table 13. LCCA Steel Alternative Construction Cost Estimation. 
LCCA Table 2. Concrete Alternative. Construction Costs Estimation. 
Action/Element/Material Units Quantity Unit cost [$] (2011 prices) 
Unit cost [$] 
(2018 prices) 
Total cost [$] 
(2018 prices) 
Clearing and Grubbing Lump Sum 1.00 29,425.73 46,793.16 46,793.16 
Structure Excavation Cubic Yard 2,558.00 7.36 11.70 29,938.73 
Structure Backfill (Class II) Cubic Yard 1,677.00 10.60 16.86 28,267.93 
Hot Bituminous Pavement 
(Grading E) (Hault and 
Asphalt) 
Ton 322.00 72.18 114.78 36,959.65 
Asphalt Cement Ton 20.00 567.81 902.94 18,058.77 
Drilled Caisson (48 inch) Linear Foot 270.00 293.60 466.89 126,059.30 
Structural Steel Pounds 220.00 1.75 2.78 612.23 
Bearing Device (Type III) Each 10.00 5,500.00 8,746.17 87,461.67 
Waterproofing Membrane Squared Yard 3,065.00 14.15 22.50 68,967.11 
Bridge Expansion Device 
(Type IV) Linear Foot 76.00 193.62 307.90 23,400.16 
Field Office Each 1.00 19,152.09 30,455.89 30,455.89 
Field Laboratory Each 1.00 16,003.42 25,448.83 25,448.83 
Concrete Class A (Bridge) Cubic Yard 700.00 405.17 644.31 451,014.40 
Concrete Class A (Bridge) 
(Colored) Cubic Yard 205.00 405.17 644.31 132,082.79 
Concrete Class S (Bridge 
Superstructure) (Colored) Cubic Yard 2,265.00 300.00 477.06 1,080,549.20 
Concrete Class S (Bridge 
Piers) (Colored) Cubic Yard 529.00 300.00 477.06 252,366.68 
Prestressing & Reinforcing 
Steel Pounds 660,517.00 0.73 1.16 766,764.40 
Delineator (Type I) (Barrier) Each 20.00 21.18 33.68 673.61 
Delineator (Type III) (Barrier) Each 2.00 26.85 42.70 85.39 
Flagging Hours 100.00 20.64 32.82 3,282.20 
Sanitary Facility Each 1.00 1,377.54 2,190.58 2,190.58 
Mobilization Lump Sum 1.00 211,129.05 335,739.99 335,739.99 
Construction works Square Foot 30,752.00 146.188 232.4699423 7,148,915.67 
Total (2018 prices)     10,696,088.34 
Table 14. LCCA Concrete Alternative Construction and Costs Estimation. 
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Maintenance and Rehabilitation Costs Estimation 
LCCA Table 3. Steel Alternative. Maintenance and Rehabilitation Costs Estimation. 
Action/Element/Material 
Pr
op
os
ed
 C
yc
le
 
Total 
bridge 
quantity 
Units 
%
 a
ffe
ct
ed
 
Quantity 
affected 
Unit cost 
[$] 
(2018 
prices) 
Total cost [$] 
(2018 prices) 
PREVENTIVE MAINTENANCE - SCHEDULEDED 
Deck / Approach / Surface Items               
  Deck cleaning  1 1.00 Each 100% 1.00 250.00 250.00 
  Expansion joints sealing 10 76.00 Linear Foot 100% 76.00 46.00 3,496.00 
  Deck crack minor sealing and  
      patching 5 732.30 Linear Foot 10% 73.23 10.00 732.30 
  Asphalt repair 2 30,752.00 Square Foot 10% 3,075.20 4.22 12,984.18 
  Drainage system cleaning/repair 2 4.00 Each 100% 4.00 200.00 800.00 
  Repair curbs and gutters 5 1,464.60 Linear Foot 50% 732.30 5.00 3,661.50 
Superstructure        
  Superstructure washing 5 1,464.60 Linear Foot 100% 1,464.60 27.40 40,130.04 
  Patch/Repair superstructure  
      concrete spalling 5 30,752.00 Square Foot 2% 615.04 15.00 9,225.60 
  Epoxy inject superstructure  
      cracks 5 20.00 Each 100% 20.00 75.00 1,500.00 
  Clean bearings/paint/lubricate 5 10.00 Each 100% 10.00 250.00 2,500.00 
  Waterproof Concrete 
      Beams/Girders 10 0.00 Square Foot 0% 0.00 4.00 0.00 
Substructure        
  Patch/Repair Minor Substructure     
      Concrete Spalling 5 1,800.00 Square Foot 2% 36.00 15.00 540.00 
  Epoxy Inject Substructure Cracks 5 10.00 Each 100% 10.00 75.00 750.00 
Other        
  Tree removal 10 10.00 Each 100% 10.00 315.00 3,150.00 
  Bank Stabilization (gabions, rock  
      blanket…) 10 2.00 Each 100% 2.00 2,000.00 4,000.00 
PREVENTIVE MAINTENANCE - CONDITION-BASED 
Deck / Approach / Surface Items        
  Deck Joint Replacement 20 76.00 Linear Foot 100% 76.00 380.00 28,880.00 
  Deck Repair (Partial Depth) 10 30,752.00 Square Foot 2% 615.04 33.33 20,501.33 
  Railings Repair/Replacement 10 1,464.60 Linear Foot 30% 439.38 255.00 112,041.90 
Superstructure        
  Epoxy Inject Superstructure  
      Cracks 10 50.00 Each 100% 50.00 75.00 3,750.00 
  Sandblasting steel 20 20.00 Linear Foot 100% 20.00 5,754.00 115,080.00 
  Steel clean painting 20 20.00 Linear Foot 100% 20.00 4,986.00 99,720.00 
  Drain Replacement 50 5.00 Each 100% 5.00 2,063.23 10,316.15 
Substructure        
  Patch/Repair Moderate    
  Substructure Concrete Spalling 10 1,800.00 Square Foot 10% 180.00 15.00 2,700.00 
  Epoxy Inject Substructure Cracks 10 50.00 Each 100% 50.00 75.00 3,750.00 
REHABILITATION 
  Deck rehabilitation - 30,752.00 Square Foot 50% 15,376.00 45.00 691,920.00 
  Steel section replacement - 732.60 Linear Foot 10% 73.26 54800.00 4,014,648.00 
  Bearings replacement - 10.00 Each 100% 10.00 20,000.00 200,000.00 
Table 15. LCCA Steel Alternative Maintenance and Rehabilitation Costs Estimation. 
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LCCA Table 4. Concrete Alternative. Maintenance and Rehabilitation Costs Estimation. 
Action/Element/Material 
Pr
op
os
ed
 C
yc
le
 
Total 
bridge 
quantity 
Units 
%
 a
ffe
ct
ed
 
Quantity 
affected 
Unit cost 
[$] 
(2018 
prices) 
Total cost [$] 
(2018 prices) 
PREVENTIVE MAINTENANCE - SCHEDULEDED 
Deck / Approach / Surface Items        
  Deck cleaning 1 1.00 Each 100% 1.00 250.00 250.00 
  Expansion joints sealing 10 76.00 Linear Foot 100% 76.00 46.00 3,496.00 
  Deck crack minor sealing and  
      patching 5 732.30 Linear Foot 10% 73.23 10.00 732.30 
  Asphalt repair 2 30,752.00 Square Foot 10% 3,075.20 4.22 12,984.18 
  Drainage system cleaning / repair 2 4.00 Each 100% 4.00 200.00 800.00 
  Repair curbs and gutters 5 1,464.60 Linear Foot 50% 732.30 5.00 3,661.50 
Superstructure        
  Superstructure washing 5 1,464.60 Linear Foot 100% 1,464.60 27.40 40,130.04 
  Patch/Repair superstructure  
      concrete spalling 5 30,752.00 Square Foot 2% 615.04 15.00 9,225.60 
  Epoxy inject superstructure cracks 5 20.00 Each 100% 20.00 75.00 1,500.00 
  Clean bearings/paint/lubricate 5 10.00 Each 100% 10.00 250.00 2,500.00 
  Waterproof Concrete  
      Beams/Girders 10 46,848.00 Square Foot 20% 9,369.60 4.00 37,478.40 
Substructure        
  Patch/Repair Minor Substructure    
      Concrete Spalling 5 1,800.00 Square Foot 2% 36.00 15.00 540.00 
  Epoxy Inject Substructure Cracks 5 10.00 Each 100% 10.00 75.00 750.00 
Other        
  Tree removal 10 10.00 Each 100% 10.00 315.00 3,150.00 
  Bank Stabilization (gabions, rock  
      blanket…) 10 2.00 Each 100% 2.00 2,000.00 4,000.00 
PREVENTIVE MAINTENANCE - CONDITION-BASED 
Deck / Approach / Surface Items        
  Deck Joint Replacement 20 76.00 Linear Foot 100% 76.00 380.00 28,880.00 
  Deck Repair (Partial Depth) 10 30,752.00 Square Foot 2% 615.04 33.33 20,501.33 
  Railings Repair / Replacement 10 1,464.60 Linear Foot 30% 439.38 255.00 112,041.90 
Superstructure        
  Epoxy Inject Superstructure  
      Cracks 10 100.00 Each 100% 100.00 75.00 7,500.00 
  Concrete surface misc.    
      Maintenance 10 732.30 Linear Foot 10% 73.23 68.50 5,016.26 
  Clean steel and patch 10 732.30 Linear Foot 1% 7.32 2,740.00 20,065.02 
  Drain Replacement 50 5.00 Each 100% 5.00 2,063.23 10,316.15 
Substructure        
  Patch/Repair Moderate    
      Substructure Concrete Spalling 10 1,800.00 Square Foot 10% 180.00 15.00 2,700.00 
  Epoxy Inject Substructure Cracks 10 50.00 Each 100% 50.00 75.00 3,750.00 
REHABILITATION 
  Deck rehabilitation - 30,752.00 Square Foot 50% 15,376.00 42.30 650,404.80 
  Concrete box rehabilitation - 732.60 Linear Foot 100% 732.60 1370.00 1,003,662.00 
  Bearings replacement - 10.00 Each 100% 10.00 20,000.00 200,000.00 
Table 16. LCCA Concrete Alternative Maintenance and Rehabilitation Costs Estimation 
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4.2.3. Results and analysis 
Figure 48 presents the cost annual costs variation along time. It shows that there is a base 
maintenance cost of less than $1,000 per year. Considerable maintenance activities are 
performed every 10 years, with costs that ranges between $300,000 and $1,000,000. These are 
similar for both the steel and the concrete alternatives.  
 
Fig 48. Annual costs in Present Value (at 2018 prices), in logarithmic scale. 
From annual costs presented in figure 48, the LCCA accumulative costs are calculated and 
presented in figure 33: after 75 years of service the concrete alternative will save $7.63 millions 
(a 28.3%) with respect to the steel alternative. In other words, the steel alternative is a 39.4% 
more expensive. 
 
Fig 49. LCCA Accumulative Costs in Present Values (at 2018 prices). 
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Figure 50 separates the accumulate costs presented in figure 49: 
• Construction Costs (CC) are 15% higher for the steel alternative. The main reason is the 
high cost of structural steel in comparison to concrete. 
• Scheduled Preventive Maintenance Costs (SPMC) are 17% higher for the concrete 
alternative. The main reason is the high cost of waterproofing concrete girders in 
comparison to the steel alternative, that does not require this maintenance activity. 
o For steel alternative, SPMC are estimated in 20% of CC. 
o For concrete alternative, SPMC are estimated in 28 of CC. 
• Condition-Based Preventive Maintenance Costs (CBPMC) are 33% higher for the steel 
alternative. This is due to the high cost of sandblasting and applying steel paint coatings 
in comparison to the concrete alternative which does not require any maintenance 
activity. 
o For steel alternative, CBPMC are estimated in 24% of CC. 
o For concrete alternative, CBPMC are estimated in 21% of CC. 
• Rehabilitation Costs (RC) are 2.6 times more expensive for the steel alternative. This is 
due to partial deck replacement was found to be significantly costlier for steel bridges 
than for prestressed concrete bridges. 
o For steel alternative, RC are estimated in 74% of CC. 
o For concrete alternative, RC are estimated in 32% of CC. 
 
Fig 50. LCCA total costs by typology in Present Value (at 2018 prices). 	 	
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5.	Conclusions	
1. The actual solution (consisting of a composite concrete top slab and two steel tube girders 
made of uncoated weathering steel) is not appropriate in terms of durability due to the high 
presence of deicers and high time of wetness. 
2. Some design defects were identified by assessing the plans and the in-situ visual inspection. 
The ones with a major negative impact on bridge durability are: 
a. Poor steel section detailing. There are many steel details that create large horizontal 
surfaces, such as diaphragm bottom flanges and steel tube girder bottom flanges, 
which are prone to pond chloride-contaminated water and accumulate debris, 
accelerating corrosion. 
b. Deficient expansion joints design. There is not any drainage element beneath the 
joint, such as a trough, to prevent roadway water drainage -which contains deicing 
salts- to impregnate the abutment wall and the steel box girder. Therefore, these 
elements present a significant deterioration as they are permanently wet and 
vulnerable to freezing-thawing cycles.  
c. Deficient abutment design. No abutment gallery was designed beneath the 
expansion joint and in-between the end the steel box girder and the abutment wall. 
Therefore, these very vulnerable elements are inaccessible to inspection and 
maintenance works, and they present severe deterioration. 
d. Unprotected reinforcing steel. According to CDOT practices, corrosion resistant 
(such as epoxy-coated) reinforcement should be used at those structural elements 
exposed to deicing agents. However, this measure was not adopted and regular 
reinforcing steel was used: therefore, after 40 years of service, reinforcement 
corrosion has become very widespread, specially at those areas susceptible to water 
drainage and leaks, such as deck overhangs and joints. 
e. Insufficient concrete cover. Top slab concrete cover is 2 inches at the top and 1 inch 
at the bottom. This is insufficient: AASHTO LFRG prescribes a minimum of 2.5 inches 
for concrete exposed to deicing agents. 
f. Improper deck drainage design. Bridge drains are improperly designed causing the 
scupper downspouts drainage to contact concrete and steel surfaces under the 
deck, causing deterioration in both elements. The drains should divert drainage 
away from the bridge structure, and implementing scupper drain pipes could be a 
smart strategy. 
g. Lack of any steel coating. Any steel protective coating was planned to be applied 
near deck drainage elements. Despite weathering steel being auto-protected 
against corrosion, research has demonstrated its poor performance under 
exposition of deicing chemicals: in 1989, the FHWA released a technical advisory 
which recommended applying a coating paint within a distance of 1 ½ times the 
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depth of the girder from the bridge joint, while CDOT Bridge Design Manual requires 
to paint at least 6 feet. 
h. Concrete protection. Any concrete protective coating was planned to be applied at 
those elements exposed to deck drainage, such as abutment walls and bottom of 
concrete top slab near deck expansion joints, which could have reduced concrete 
permeability and delayed reinforcement corrosion due to depassivation. 
3. Some construction faults were identified during the in-situ visual inspection. The ones with 
a major negative impact on durability are: 
a. Poor construction joints execution. Some heavy leaks were found at construction 
joints under the concrete slab, which may indicate that they were not properly 
executed and thus they are permeable. 
b. Improper application of waterproofing membrane. Moisture and efflorescence 
were found at transverse cracks under the concrete slab, which may indicate that 
the deck section is excessively permeable. This might be caused by an improper 
execution of the waterproofing membrane which is placed in-between the concrete 
slab and the road pavement. 
c. Poor concrete pouring and curing procedures. Some heavy cracking and water leaks 
under the concrete slab were found, which might indicate the existence of voids 
within the concrete slab. These might be caused by improper pouring procedures 
such as insufficient compaction, poor reinforcement detailing or improper curing. 
d. Inadequate choice of concrete mixture or W/C ratio. Reinforcement corrosion 
under the concrete slab might be caused by a too permeable concrete mixture due 
to the lack of air-entraining additives or a high W/C ratio. 
4. There has been improper maintenance which may have reduced bridge life-time: 
a. Insufficient uncoated steel maintenance. Those parts exposed to deck drainage 
should be periodically cleaned and, when necessary, sandblasted and painted, 
according to CDOT practices. This would prevent major corrosion and section loss. 
b. Insufficient construction joints maintenance. The pavement at leaking construction 
joints should be removed, the joint cracks should be sealed and another 
waterproofing membrane should be applied. 
c. Insufficient crack sealing and rebar replacement. There is significant cracking at the 
concrete top slab which should be sealed in order to prevent reinforcement exposed 
to the atmosphere. At those points, when necessary, damaged concrete should be 
removed and the corroded rebars should be replaced by epoxy-coated rebars. 
5. The actual steel solution is structurally safe and fulfills AASHTO LFRG requirements. 
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6. A precast segmental prestressed concrete bridge, as proposed in the original construction 
project, is not a feasible solution due to the short length and low height of the bridge and 
curved layout. 
7. A feasible and more durable design alternative would consist of a cast-in-place prestressed 
concrete continuous box girder. Main reasons are: 
a. Currently, there exist prestressing technologies which can provide full-corrosion 
protection for prestressing tendons. 
b. The form of a concrete box girder minimizes structural exposure to aggressive 
agents (up to 37%), in comparison to the steel box girder solution. 
c. At Vail Pass, cast-in-place prestressed concrete box girder bridges have exhibited a 
lower deterioration rate in comparison to steel bridges built at the same time and 
with similar design. 
8. The Life-Cycle Cost Analysis demonstrates that a concrete solution would provide 28.3% of 
cost-savings with respect to the steel solution after 75 years in service. 
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